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Summary 
Bridges are epitome of civil engineering and social and economic infrastructure. 
Degradation of bridges is a natural phenomenon and demands timely assessment and 
maintenance, to be in serviceable condition. In Australia, 60% of aging bridges are 
believed to be around 60 years old. Aging occurs due to increase in applied loads, 
surrounding environment, climatic conditions or any natural disaster. In Victoria, a state of 
Australia, most of aging bridges have experienced three major shifts in applied loads since 
construction, both in magnitude and configurations. Proposed methodology assesses the 
effects of these changes on bridge girders, in conjunction with change in material 
behaviour. 
This dissertation also aims to propose a theoretical assessment framework which can be 
used to support the visual inspection condition data. Visual inspections are performed on 
regular basis to document the present condition of a bridge asset and considered 
qualitative, as data is recorded in subjective format. Asset owners use the condition data 
sets as the primary source of evidence for developing maintenance programs, capital 
forecasting and identifying the intervention time. This dissertation examines the possibility 
of theoretically predicting the crack widths, which is regarded as a key measure of 
degradation, to supplant subjective visual reporting of cracks using theoretical and 
empirical models. Hypothesis of this research argues and begs the question, as to why the 
codified and empirical based crack width prediction models, widely used in design 
practise, cannot be used in condition evaluation and maintenance forecasting over bridge’s 
life span.   
To further strengthen the proposed assessment method, reliability of theoretically 
established crack widths is instituted using reliability theory. Application of the proposed 
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methodology is verified by assessing four R/C bridges, designed in early 1960s and 
currently in service.  
As an original contribution to the body of knowledge, this dissertation provides an 
assessment framework for asset owners, which can be implemented for informed decision 
making and proactive measures. Dissertation also addresses the needs of regional bridge 
asset management owners who may not have access to structural health monitoring 
systems. In essence, an asset owner can supplant the qualitative outcomes of visual 
condition monitoring with statistically treated theoretical outcomes, supplementing each 
other in providing scientifically justifiable informed decision environment.  
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Glossary 
Term Definition 
Asset A physical element of a road and transportation network. 
An asset can be classified into difference sections, such as, 
bridges, pavements, culverts, pavement furniture, road 
reserves, traffic signals and more. This research focuses on 
bridge assets.    
Asset Owner Asset owners are responsible for maintaining the 
information and condition of assets for the users.   
Condition Monitoring Condition monitoring is a systematic approach to identify 
the present condition of an asset and prevent it from any 
catastrophic failure and loss of human life.  
Crack A crack is an irregular opening in a member, either 
vertically, horizontally or combination of both.   
Design Life A period during which an asset is expected to perform and 
remain in service without any replacement or major 
maintenance works.  
Design Load Load or combination of loads used to design the bridges. 
These loads are outlined in the design standards and 
assessment manuals. These loads are also adopted for the 
assessment of existing bridges to determine the load rating 
and condition of an asset.  
Deterioration Degradation in the condition of an asset due to continuous 
usage, increase in traffic loading and environmental effects. 
Following deterioration signs can be observed in concrete, 
cracking, corrosion of reinforcement, spalling, 
disintegration, surface defects and others.  
xiii 
 
Deterministic Model which provides exact mathematical solutions and 
results, based on certain inputs. 
Reliability  Probability that an asset will perform without failure within 
given assumptions. In this dissertation, reliability 
assessment is performed to assess the viability of 
theoretically established crack widths 
Visual Inspection Regular inspections are known as ‘visual inspections’, 
conducted once a year or in two years, depending on the 
road inspection guidelines. Visual inspection condition data 
of a structural component is documented qualitatively or in 
subjective format. Later, asset owners treat this qualitative 
data as a strong evidence to develop capital works program 
and take future maintenance and monitoring decisions.  
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Chapter 1                                                  
Introduction  
1.1 Background and Significance  
Invention of “Bridges” is like an apotheosis in civil engineering. Bridges are regarded as 
critical links in transportation infrastructure, because they have significant contribution 
towards the economic and social development of a nation (Dai et al., 2014; Estes & 
Frangopol, 2003). Therefore it is important to maintain them in serviceable condition.    
At present, USA and China have noticeable variety of highway bridge infrastructure and 
together they maintain around 1.2 million recorded transportation structures (Dai et al., 
2014), where, USA roughly maintains around 691,060 bridges (Wardhana & Hadipriono, 
2003). Most of these bridges were designed and constructed during 1930’s and 1950’s to 
1970’s, due to expanding interstate highway system (Abudayyeh et al., 2004; Estes & 
Frangopol, 2003). It is also believed that majority of these highway bridges were designed 
and constructed to last for 50 years. Australia maintains approximately 33,500 road bridges 
in public ownership (AP-R198, 2002). Most of these bridges are owned and managed by 
state authorities. For example, VicRoads a state road authority of Victoria, which manages 
approximately 6,000 bridges and culverts (Report, 2011). Seventy-nine local councils and 
shires of Victoria also maintain a similar number of assets.  Therefore, for an asset owner it 
becomes a great responsibility and a challenge to maintain long-term reliability of bridge 
assets. Bridge deterioration is a natural phenomenon, which bears upon the type of design, 
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construction and environmental conditions. There are four types of principal materials used 
in the bridge design and construction, namely reinforced concrete, steel, masonry and timber.  
This dissertation focuses on reinforced concrete bridges. Reinforced concrete bridges are 
deteriorating at rates higher than originally envisaged (Rafiq et al., 2004). Factors that 
initiate the deterioration and continue to degrade the structural components are likely to 
differ with each bridge. Some common influencing factors are, design and detailing, 
surrounding atmospheric environment, fatigue, creep and shrinkage, corrosion and change in 
the intensity of traffic loading (Abdel-Qader et al., 2003; Agrawal et al., 2010; Enright & 
Frangopol, 2000; Goel et al., 2007; Stewart & Rosowsky, 1998; Stewart & Val, 1999). 
Traffic loading is comprised of bicycle, cars, buses, semi-trucks and trucks. This research 
puts an emphasis on the rapid increase of the imposed traffic loading on bridges specially the 
truck loading on bridge performance and deterioration. As per Australian Government 
Infrastructure, truck traffic in Australia is expected to grow by 50% between 2010 and 2030 
(Infrastructure-Australia, 2011), which means, frequency of the freights will increase on 
local and state roads. The demand of freight and transportation increases the frequency 
unless the bigger capacity trucks are used to maintain the operational efficiency. Such a 
trend has been witnessed around the globe, where the truck sizes have doubled over last 
couple of decades. The inevitable consequences of this trend are; bridge decks are subjected 
to imposed loads greater than the original designed loads without any due consideration to 
the bridge condition or the age, which in effect accelerates the degradation process further.  
At present, average age of an in-service bridge in USA is reported as forty three years (Dai et 
al., 2014). According to the National Bridge Inventory it is also reported that 12.36% of 
bridges are rated structurally deficient and functionally obsolete (Farhey, 2011). One of the 
strategies currently adopted to mitigate and manage the situation is to limit such bridges to 
light weight vehicles only or deny access until rehabilitation work is attended (FHWA, 
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2003). In Australia around 60% of bridges are estimated to be around fifty years old (Faber 
et al., 2000). Similar trends are being observed in Canada, where 40% of bridges are 
reported older than fifty years (Adhikari et al., 2014). In New Zealand, average life of bridge 
is considered to be around forty years (Brown et al., 2010). As a general observation it is 
reasonable to assume that a large proportion of existing bridge infrastructure around the 
world is reaching towards the end of its design life span. Hence, it is important to establish 
proper guidelines, which can be scientifically verified, to maintain a healthy and serviceable 
bridge stock. As per Austroads (AP-R245, 2004), state road authorities are responsible for 
8,000 reinforced concrete bridges and more than 16,000 major culvers, whose replacement 
value is exceeding $8.5 billion. This particular observation calls for scientifically verifiable 
maintenance and condition monitoring procedures for asset owners.  
Each asset owner has a variety of bridge types included in the asset ledgers representing 
different eras of design philosophies and construction materials and methods. Resourceful 
asset owners vary from well-funded state authorities to under-funded local councils. Bridge 
assets associated with major arterial roads, owned by resourceful state authorities, are 
usually well monitored and regularly maintained. On the other hand, bridge assets belonging 
to less resourceful and less funded council and shire need appropriate technologies which are 
cost effective and easy to implement.  
 
1.2 Problem Description  
Bridge asset inspection and evaluation are essential components of the bridge management 
system (Alampalli, 2010). At present, Victorian councils and shires maintain bridge assets 
based on the procedures and guidelines outlined in the Road Structures Inspection Manual 
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(RSIM). These guidelines were made compulsory for each asset owner to follow in 2011. 
Prior to that, each local council and shire had their own distinct method to assess the bridge 
assets and record the condition monitoring data. Problem appeared when an asset owner had 
to introduce new inspection guidelines in application and use new recorded condition 
monitoring data to forecast the future maintenance requirements and capital forecasting.  
Introduction of new guidelines brought uniformity in data collection and inspection 
procedures across all asset owners, but it did not eliminate the subjectivity in data collection 
and decision making. Similar to old inspection guidelines, new procedures also suggested 
performing regular inspections on timely basis to monitor the condition of a bridge asset and 
its structural components. Regular inspections are known as ‘visual inspections’, conducted 
once a year or in two years, depending on the road inspection guidelines. Almost every 
bridge in United States is inspected using visual inspections (Graybeal et al., 2002). Majority 
of bridges in Australia are also inspected visually (MainRoads, 2004; RTA-NSW, 2007; 
VicRoads, 2011). Visual inspection condition data of a structural component is documented 
qualitatively or in subjective format. Later, asset owners treat this qualitative data as a strong 
evidence to develop capital works program and take future maintenance and monitoring 
decisions (Abdel-Qader et al., 2003; Agrawal et al., 2010; Alampalli, 2010; Graybeal et al., 
2002). Hence, problem of subjectivity still worries the asset owners, especially local councils 
and shires.     
These key problems lead towards the further research; 
a) Would it be possible to implement or supplant the qualitative condition monitoring data 
with theoretical or quantitative evidences? 
There is limited information which demonstrates the usage of theoretical quantitative 
evidences supporting qualitative condition monitoring data in decision making. But, 
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based on the laboratory research and already in place formulas, quantitative 
evidences can be established for certain structural components, such as bridge 
girders. These evidences present quantitative value for distress signs, rather than a 
qualitative assumption, for example, crack widths for a bridge girder can be 
calculated using crack width models. This dissertation focuses in analyzing four 
bridge girders as case studies, using proposed quantitative approach and provides a 
new assessment framework to supplant the qualitative condition monitoring data.    
b) How such an approach can influence monitoring of bridge assets towards more pseudo 
quantitative approach? 
Introduction of proposed pseudo quantitative approach provides theoretical 
assessment of the bridge girders using original structural and material properties. It 
assesses the girder based on the load configuration history and design methods used 
for construction. Five crack width prediction models are used to perform the analysis. 
Reliability assessment is performed to assess the viability of theoretically established 
crack widths.  
Current condition monitoring practice fails to determine the quantitative evidences 
and likelihood of an occurrence. An asset owner can assess the bridge girder based 
on the structural properties and crack width models. If outputs highlight some 
worrying signs, then bridge can be tagged for a thorough inspection. It is a cost 
effective approach which does not need any special training and can be carried out by 
any asset practitioner. Adopting this approach can assist asset owners in making 
some informed decisions and take precautionary measures to avoid any catastrophic 
failure. Outcomes of pseudo-quantitative approach can also be used to supplant the 
qualitative condition monitoring data and eliminate unreliability.      
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c) Can such an approach establish the level of confidence and reliability of predictions? 
To prove the level of confidence, author analyzes real case studies using proposed 
deterministic and reliability methods. Outputs of both the analysis are compared with 
photographic evidences and comparison shows a good agreement. This exercise was 
performed for four case studies, with different structural and material configurations. 
Proposed methodology and its outputs were presented to participating councils and 
received good acceptance. To further strengthen the reliability of predictions, a 
reliability assessment was performed for theoretically established crack widths. 
Statistical outcomes of the reliability assessment showed a good agreement with 
theoretical outcomes. Such confidence and reliability cannot be established in current 
condition monitoring practices. Therefore, it is safe to consider that proposed 
methodology provides a great level of confidence in decision-making and reliance on 
predicted theoretical and statistical outcomes.    
   
1.3 Aim and Focus  
 Investigate and document current practices, identify gaps and possible counter 
strategies for more quantifiable approach, in conjunction with the latest VicRoads 
Road Structures and Inspection Manual (VicRoads, 2011).  
 Based on the outcomes of the above investigation, propose an assessment framework 
by which the theoretical assessment outcomes can be used for more informed 
decisions by supplementing visual inspection data.   
 Investigate, within a selected regional council, how such an approach could be a 
viable solution to supplement and strengthen their current practices.  
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 Investigate the theoretical assessments using reliability method to provide the asset 
owner a degree of confidence within which they can justify the need for prioritisation 
of assets for maintenance forecasting and capital works program.   
 
1.4 Scope 
 The investigation is limited to structurally significant components of bridges, namely 
the bridge decks and bridge girders, typically, in-service since late 1950s and early 
1960s.  
 Selected bridge decks and girders are precast reinforced concrete ‘U-slabs’ and ‘I 
girders’ designed using working stress method. The selected population of case 
studies are typical to that era and region where around 70% of the council bridges are 
of that category.   
 The identified four case studies are located in temperate and inland environments. 
Access to visual inspection condition reports and assistance by the participating 
council were factors in selecting the case studies.   
 
1.5 Organization of Dissertation  
Chapter 1 provides background information related to bridges in Australia and USA. 
Problem description is provided with key aims and scope of this study. Chapter also 
introduces issues related to condition monitoring of bridge assets.  
 
Chapter 2 of the dissertation provides a detailed understanding of condition monitoring 
techniques of bridges, by drawing a comparison between Australian and USA inspection 
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guidelines. Challenges related to condition monitoring and current inspection methods are 
also discussed in detail. Discussion of these challenges is limited to regional asset owners. 
Current bridge management system used by Australian road authorities is also highlighted in 
the chapter.   
 
Chapter 3 investigates cracking as a more quantifiable means in supplementing visually 
recorded condition data, which may enhance asset owner’s decision-making process. This 
may be considered as a quantitative bridge girder assessment process. To understand the 
proposed quantitative approach, which is principally based on cracking and crack width as a 
major symptom of degradation, is discussed in detail.  
 
Chapter 4 examines and discusses the working stress and limit state design phenomenon. It 
also discusses the major differences between these two design methods and how these 
changes have an influence on any theoretical assessment of existing bridge girders. Chapter 
also indicates the influences of change in legal load limits (design loads) on the bridge 
girders. 
 
Chapter 5 examines the viability of theoretically quantifiable assessments in assisting 
condition monitoring through visual inspections. To put in another way, the idea is to use 
reinforced concrete crack estimation models, discussed in Section 3.4, to estimate cracks 
reaching critical crack width of 0.3mm which triggers the corrosion setting and predict the 
age by which this is likely to occur. 
 
Chapter 6 investigates and presents the procedure to treat deterministic theoretical 
assessment outcomes using reliability method in predicting crack width as an indicator of 
asset condition. The reliability of the predicted crack widths is assessed using three main 
sources of variability. An enhanced version of decision-making framework is introduced, 
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which includes, current condition monitoring technique, deterministic approach and 
reliability assessment method. 
 
Chapter 7 discusses the key conclusions of this dissertation. Author also highlights the 
significance of this work and how the information of this study can be used for further 
research.  
 
Appendix A – D provides deterministic and reliability based assessment outcomes for case 
studies 1 to 4, using five crack width models.  
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Chapter 2                                                  
Condition Monitoring, Challenges & Bridge 
Management System  
2.1 Condition Monitoring 
Condition monitoring is a systematic approach to identify the present condition of an asset 
and prevent it from any catastrophic failure and loss of human life (Sazonov et al., 2009). 
Condition monitoring of road infrastructures can be broadly categorised into two categories. 
Namely, the condition monitoring of pavements and the condition monitoring of road 
structures, such as, bridges, culverts, underpasses, overpasses and causeways. This research 
discusses the condition monitoring techniques and methods used for bridges. Discussed 
methods and techniques are currently used for recently constructed and aging bridges.    
Condition monitoring of a bridge commences since the commissioning of the bridge and it 
would continue throughout the life span of the bridge. In early ages, most road authorities 
used routine maintenance crews to report on any suspicious or superficial evidence, which 
may indicate degradation or signs of unusual behaviour. As the bridge asset reaches aging 
category the condition monitoring becomes more streamlined and usually conducted by 
trained inspectors. The condition reports (as given in Figure 2.1) produced by the inspectors 
would become the only source of evidence used in ascertaining the need for intervention. As 
bridge ages with time, its structural strength and stiffness degrades and distress signs start 
appearing on the structural components. Structural components of the bridge are recorded 
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with a specific element code and appropriate condition rating value, based on its condition 
(Austroads, 2013). Strictly speaking, these signs only signify the degradation rate of a 
structural component rather than the overall structure. Cumulative distress signs of structural 
components may indicate the status of the bridge as a unit. However, it is debatable whether 
such a process can establish remaining strength and stiffness properties which are essential 
to establish structural adequacy or functional standards. If degradation sign(s) remain 
unnoticed or hidden that would mean the objective of the particular condition monitoring 
cycle remains un-served. It is not unusual for these deterioration signs to remain unnoticed 
and continue to be out of sight of an inspector for a prolonged time, until becomes 
noticeable. Such signs do not get documented for several reasons, for example, internal 
degradation and poor visibility. Therefore, despite the best of efforts, for all practical 
reasons, the asset owner may not have acquired a complete condition inventory for the 
assets.  
 
2.2 Current Monitoring Practices  
Current monitoring practices are presented here by discussing the Australian and US 
practices. In Australian practice, to establish the condition of the bridge asset, which is 
categorised under three levels, is conducted periodically. These condition levels are broadly 
known as, routine maintenance inspections, road structure condition inspections and detailed 
engineering inspections and analysis. To conduct these inspections a set of regulations and 
procedures has been put in place by respective road authorities. These procedures are well 
defined for each structural element of the bridge in the respective bridge inspection manuals.  
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Each structural element of a bridge is inspected individually, hence it’s difficult to address 
and describe inspection procedures in detail. Therefore, for the purpose of this dissertation, 
reinforced concrete bridge girders have been chosen as an example.   
 
2.2.1 Australian Condition Monitoring Practices 
Condition monitoring of bridges in Australia is performed based on the inspection guidelines 
set by the respective state authorities. The major reference for the formulation of the state 
authority guidelines could be traced back to FHWA. There are seven state road authorities in 
Australia, as shown in Table 2.1. There are subtle differences in the procedural approach to 
the issue in hand; however, all road authorities share a common goal, which is to maintain 
the road assets in a serviceable and safe condition.  
Table 2.1 List of State Road Authorities in Australia 
Sr. No Australian State Road Authority 
1 
New South Wales 
(NSW) 
Road & Maritime (RMS) 
2 Northern Territory Department of Transport, NT Roads 
3 Queensland Department of Transport and Main Roads 
4 South Australia 
Department of Planning, Transport & 
Infrastructure, DPTI South Australia 
5 Tasmania  Department of State Growth Transport   
6 Victoria VicRoads 
7 Western Australia Main Roads, Western Australia 
 
From above mentioned authorities, inspection guidelines set by VicRoads are discussed in 
detail. VicRoads is the second biggest road authority in Australia after RTA, which manages 
around 6,000 road bridges and culverts (Report, 2011). VicRoads is first state road authority 
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in Australia to introduce Bridge Inspection Manual in 1995. Over the years it has gone 
through number of revisions and the current inspection manual is known as, Road Structures 
Inspection Manual (RSIM), which was issued in 2011. This revision also included the 
procedures for structures other than bridges, such as, Retaining Walls (RW), Noise and 
Visual Walls (SZ & SV), major culverts (SN), major signs and gantries (SS).  
First bridge inspection manual was instituted to simplify the inspection methods and bring 
uniformity in collecting bridge condition data. However, councils and shire had their own 
procedural guidelines for the collection of condition data, which are not necessarily 
compatible with the VicRoads guidelines. Road Management Act, 2004 called for 
unification of all bridge inspection procedures and aligned with VicRoads road structures 
inspection manual. However, this came to practise, in all practical purposes, only since 2011 
with the latest revision of VicRoads road structures inspection manual.  
Therefore it is important to understand the change in data collection regime and inspection 
methods used prior to and post 2011 which is compared and discussed in the following 
sections.  
 
2.2.1.1 Condition Monitoring Before 2011 
Before 2011, it appears the local councils and the shires, other than VicRoads, practised the 
methods of inspections, which were adapted predominantly from FHWA. Most of the local 
councils and shires used private contractors to collect visual condition data and produce 
bridge condition inventories. Some council had opted to use in-house trained personnel to 
carry out the task of collecting the condition data of their own assets. As such, the quality 
and consistency of the acquired data depended on the standard of service provided by those 
individuals as well as established culture.  
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As mentioned in Section 1.2, visual inspection condition outcomes are recorded in 
qualitative format based on subjective judgement. There are a number of ways in which the 
inspector’s opinions were recorded formally among them were 0 to 9, where 0 means 
structures needs to be replaced and 9 means in excellent condition. In other situations, the 
inspectors’ opinion was recorded under two categories, namely damage and condition. For 
damage category, the descriptors were, ‘minor’, ‘serious’, or ‘advanced’. For condition 
category, the descriptors were ‘good’ or ‘bad’. Inspection reports also allowed the inspector 
to make recommendations that are described as ‘repair required’ and ‘need further 
inspection’. Figure 2.1 provides an example of a condition inspection report, which belongs 
to one of the councils. Due to confidentiality reasons, identity of the asset or the owner is not 
disclosed here.  
Figure 2.1 shows the bridge condition data for a precast reinforced concrete ‘U-Slab’ bridge 
girder, which was inspected in 2008. As per bridge inspection preliminary report sheet, five 
structural components were inspected and the condition was described in descriptive format. 
Inspector also made few comments on the appearance of distress signs, for example, minor 
flexural cracks appearing on decking and stringers. Similar inspection reports are prepared 
for the remaining bridge assets. Afterwards, inspector prepares a cumulative condition report 
for all bridge assets, highlighting present condition, maintenance requirements for a 
particular bridge asset and need of any urgent remedial work. These reports are then assessed 
and used by asset owners to make future decisions. Most of the decisions are considered 
subjective, due to the qualitative nature of the condition data, hence not regarded as reliable 
decisions. Visual inspections are performed until any major degradation sign is reported and 
bridge asset requires detailed inspection.   
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Figure 2.1 Bridge condition data collection before 2011 
 
2.2.1.2 Condition Monitoring and Data Collection After 2011 
In 2011, road structures inspection manual was introduced to standardise the inspection 
procedures and ensure structural integrity and safety of users (VicRoads, 2011). Revision 
included a typical condition data collection method for all asset owners, with an aim to 
provide substantial information for:  
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 The development of regional maintenance programs  
 Load capacity assessment activities  
 Feed back to design processes 
 State-wide strategic management purposes.  
 
Inspections 
To meet these objectives and collect the condition data, three levels of inspections are 
performed and each inspection depends on the outcome of the preceding inspection.  
 Level 1 – Routine maintenance inspection  
 Level 2 – Road structures condition inspection  
 Level 3 – Detailed engineering investigation  
These inspections are carried out for all structure types; however, this dissertation focuses on 
the assessment of bridge girders. A brief summary of the inspections is provided in Table 
2.2.  
Table 2.2 Description of level of inspections 
Level 1: Routine 
Maintenance Inspection 
 A brief inspection of bridge girder to assess any 
significant visible signs of damage, distress or unusual 
behaviour. 
 Check general serviceability of the girder.  
 Carried out on a twice yearly frequency with a 
maximum interval of 6 months. 
Level 2: Road Structure 
Condition Inspection 
 To assess the condition of each girder.  
 Identifying current maintenance needs and assessing 
the effectiveness of past maintenance treatments.   
 Forecasting future changes in condition and budget 
requirements. 
 The girder condition inspection is to be a visual 
inspection.  
 Carried out on a 2 to 5 year frequency, depending 
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upon the condition of components.   
Level 3: Detailed 
Engineering Inspections 
and Analysis 
 
 Detailed structural investigation of a girder.  
 Provide improved knowledge of the condition, load 
carrying capacity, in-service performance and other 
characteristics which cannot be obtained from visual 
only, i.e. Level 1 and 2 inspections.  
 Mostly initiated, when structures are initially reported 
in poor condition in a Level 2 Inspection and 
structures are showing evidence of accelerated 
deterioration.   
 
From above mentioned inspections, Level 2 inspection is performed most number of times in 
the service life of a bridge girder. It is conducted by qualified personnel, who have range of 
experience in inspection, construction, maintenance, design and repair of the structure. 
Inspectors are expected to have the capacity to judge the visual defects and their probable 
effects on the performance of the girder. Defects are recorded in the condition data sheet 
using condition rating system, as discussed below. 
 
Data Collection 
Before establishing the condition rating system, it is vital to understand condition data 
collection regime introduced in road structures inspection manual. Condition of the bridge 
girders are recorded based on their pre-defined condition states. Condition states represent 
the likelihood of possible damage and provide an intervention point for future maintenance. 
They are divided in four categories and described in Table 2.3 for a reinforced concrete 
bridge girder. Condition state descriptions are different for each component and have been 
illustrated in manual. Descriptors provide a good estimation of the possible distress signs 
which are expected to be noticed during inspection. However, inspectors should also use 
their expertise to interpret which description best fits the particular condition state, 
considering the significance and consequences of the defect.  
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Table 2.3 General description of Condition States for a reinforced concrete bridge 
girder  
Condition State 1 Component is in good condition with little or no deterioration.  
Condition State 2 
Component shows deterioration of a minor nature with primary 
supporting material which is the first sign of being affected.  
Intervention points for maintenance are generally as follows; minor 
spalls or cracking of no real concern.  
Condition State 3 
Component shows advancing deterioration and loss of protection to 
the supporting material which is showing deterioration and minor 
loss of section.  
Intervention points for maintenance are generally as follows: large 
spalls, medium cracking and defects should be programmed for 
repair works.  
Condition State 4 
Component shows advanced deterioration, loss of effective section 
to the primary supporting material, is acting differently to design or 
is showing signs of overstress.  
Intervention points for maintenance are generally as follows: very 
large spalls or heavy cracking and defects should be repaired within 
the next 12 months.  
 
The extent of each condition state affecting a component shall be measured as a percentage 
(%) of the whole component, which is known as condition rating. Percentage in each 
condition state (1, 2, 3 and 4), must add up to 100% of the whole component, as seen at the 
site. Each component to be assessed is quantified in terms of unit of measurement, as shown 
in Figure 2.2.  
As per Figure 2.2, inspection of a bridge is segmented in two parts, i.e. superstructure and 
substructure and further categorised in 24 elements. Units of these components are either 
each or Lin m or m
2
. Further discussion illustrates the methodology to establish condition 
rating for these units.  
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Figure 2.2 Units of measurements for each component to establish condition ratings 
 
In assessing the condition rating, inspector should first determine the extent of worst 
condition affecting the component (i.e. Condition State 4) and advance towards the best 
condition (i.e. Condition State 1). Later, condition rating is calculated for the relevant unit of 
measurement, as shown below:  
1. When unit of measurement is based on the area of component (m2), the percentage in 
each condition state is the area affected by the condition divided by the total area of 
the component multiplied by 100.  
                  
                        
                        
       
To estimate the affected area of deteriorated concrete, inspectors also make certain 
assumptions for best possible condition rating. It is believed that, occasionally damaged area 
is much larger than the cracks or spalls visible. Therefore, the damaged area shall be taken 
as, a quarter of a meter all around the crack or spall. But when cracks and spalls are 
interconnected, then the damaged area will be a quarter of a meter around the total area of 
deterioration.  
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2. When unit of measurement is based on length (lin m) the percentage in each 
condition is 
                  
                          
                          
       
When rating concrete components, which are measured in lineal metres, an estimation of the 
length of the cracked or spalled concrete needs to be made. If one severe crack occurs 
though a kerb – say over the pier and is assessed as Condition 3, the length in that condition 
is ½ m (0.25 m each side of the crack). If the total length of kerb is 100 m the overall 
assessment would be:- 
Condition 4 – 0 % 
Condition 3 – 1 %  
Condition 2 – 0 %  
Condition 1 – 99 %  
If a precast concrete panel is badly cracked or broken, the whole precast panel will require 
replacement, so the length of the panel should be considered as the damaged length in poor 
condition state. 
 
Example 
To practically understand the data collection regime and inspection procedure, author 
contacted a regional council and requested for their recent bridge inspection reports. 
According to the report, recent inspection was performed for Level 2 category in August, 
2012. Most of the inspected bridges are old and constructed between 1950s and 1970s. 
However, asset owners particularly face challenges to maintain and assess U-Slab bridge 
girders. Therefore, author chose ten such case studies which are constructed using reinforced 
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concrete, either precast or insitu. According to Figure 2.2, they are known as 8P or 2C. Most 
of these bridges were constructed by main road authority and later handed over to regional 
asset owners, such as, local councils and shires for maintenance purposes. Condition data of 
these girders is shown in Table 2.5, which is collected based on the respective condition state 
descriptors and ratings. For further discussions author emphasises on the detailed assessment 
of U slabs and provides key distress signs and their possible locations used for assessment 
purposes. A summary of the condition state descriptors for U-Slabs is provided in Table 2.4.  
Table 2.4 Condition State Descriptors for ‘U-Slabs’ Bridge Girders 
Condition State 1 
The units are in good condition with no moisture or straining 
between the units though there may be minor efflorescence 
powder under the slab section of the beams. The units may have 
faint flexural cracking at midspan but there is no spalling. Bolts 
between high strength U-slabs area are tight.   
Condition State 2 
The U-slabs may have fine flexural cracking of the legs and there 
may be minor cracking or spalling due to corroding steel 
reinforcement. Moderate moisture and staining between the units 
indicates that the shear key concrete is cracked in high strength 
U-Slabs bridges and there may be longitudinal cracking of the 
asphalt on top of the slabs. Bolts between the units are generally 
tight though there may be a few loose ones. If the bearings are 
badly positioned at the ends of the U-Slabs, there may be minor 
cracking in the bearing areas.  
Condition State 3 
Medium flexural cracking may be noticed in the U-Slab legs with 
moderate moisture staining between the units. The asphalt 
surface will be moderately cracked and U –Slab bolts will be 
loose between these units. The shear key concrete between the 
tops of the units will be badly cracked. There may be medium 
cracking and spalling of the U-Slab legs due to corroding 
reinforcement. If the bearings are badly positioned at the ends of 
the U-Slabs there may be medium cracking in the bearing areas 
of the U-Slab legs.  
Condition State 4 
Medium flexural cracking may be seen in the U-Slab legs at 
midspan with heavy moisture staining between the units. The 
asphalt surface may be heavily cracked with some areas 
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completely broken out. The shear key concrete between the high 
strength U-Slabs may be badly cracked and sections may be 
broken out. U-Slab bolts will be loose, many with nuts 
completely missing, or they may have been retightened and badly 
cracked at the top of the slab. There may be heavy cracking and 
spalling of the U-Slab legs with heavy corrosion of the 
reinforcement with section loss of 20% or more. There may be 
heavy cracking of the ends of the U-slab legs due to badly 
positioned bearings.   
 
As per Table 2.4, condition states share some common signs of distress but with different 
extent of damage. Out of all, the most noticeable is the flexural cracking, also known as 
positive moment cracking, appearing in legs. Extent of flexural cracking ranges from hairline 
to heavy cracking for condition states 1 to 4, respectively. To examine the severity of this 
cracking range, manual provides the thickness of cracks and its probable visual appearance 
on site, as shown in Figure 2.3. Most of the flexural cracking appears in the tensile zone of 
the girder, i.e. bottom half of the beam near tensile reinforcement, as shown in Figure 2.4. 
Cracks may appear at several locations in the aging bridges, therefore bridge inspector 
should be aware of all possible crack locations. All these possible locations have also been 
highlighted in Figure 2.4.  
 
 
Figure 2.3 Severity of cracking and range of widths from <0.1 mm to >0.7 mm.  
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Figure 2.4 Typical location of cracks on a bridge girder  
 
Case studies are inspected using these guidelines and given a particular condition sate and 
rating. Identity of the bridge girders and participating council is not disclosed, due to 
confidentiality issues.  
 
Table 2.5 Condition state and ratings for case studies  
Bridge Identity 
Year of 
Construction 
Component 
Number 
Condition State 
1 2 3 4 
HP0015   8C 0 100 0 0 
HP0034 1971 2P 100 0 0 0 
HP0037 1960 8C 100 0 0 0 
HP0038 1971 2P 100 0 0 0 
HP0039 1970 2P 100 0 0 0 
HP0057 1965 8C 100 0 0 0 
HP0062 1962 8C 100 0 0 0 
HP0064 1985 8C 0 100 0 0 
HP0069 1972 2P 100 0 0 0 
HP0070   2P 
0 67 33 0 
0 67 33 0 
0 89 11 0 
0 44 56 0 
 
 
Condition states in Table 2.5 are calculated based on the visual appearance of cracking, 
because cracking initiates the corrosion setting, which results in the degradation of the 
structure. Most of the bridges are in Condition State 1, except HP0015 and HP0064 which is 
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in Condition State 2 with 100% condition rating. However, condition state of HP0070 falls 
between Condition State 2 and 3, based on condition rating calculations. It signifies that the 
girder seem to have fine to medium cracking. Apart from condition states, photographic 
evidences are also captured for record and further assessment purposes. Photographic 
evidences are used for the comparison purposes and shown in Chapter 5 and Appendixes B 
to D. These evidences indicate the extent of cracking.   
Even though a quantifiable rating is assigned to describe the condition state of the girder, the 
assessment still remains qualitative. Quality of the condition data is still subject to the 
assessment of inspectors and their judgement. Hence, subjectivity still pertains in the new 
data collection regime and needs more rigorous quantitative analysis.  
 
2.2.2 United States of America (U.S.A) Condition Monitoring 
Practices 
National Bridge Inspection Standards (NBIS), set regulations to inspect and evaluate 
highway bridges in United States and ensure bridge safety (Alampalli, 2010). NBIS are also 
considered as Federal regulations which establish the requirements for: 
 Inspection procedures  
 Frequency of Inspections  
 Qualifications of Personnel  
 Inspection Reports 
 Maintenance of Bridge Inventory (NBI)  
NBIS was first introduced in 1970’s, after U.S. Congress added a section to the “Federal 
Highway Act of 1968”. The section required Secretary of Transportation to establish a 
national bridge inspection standard, along with, developing a program for training the 
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inspectors. This interest of developing the standards arouse after the tragic collapse of 681m 
Silver Bridge, at Point Pleasant, West Virginia into the Ohio River on 15
th
 December 1967, 
killing 46 people (NBI, 2011). As a result of the collapse, three manuals were established, 
namely: 
1. Federal Highway Administration (FHWA), Bridge Inspector’s Training Manual 70 
(Manual 70).  
2. American Association of State Highway Officials (AASHO), Manual for 
Maintenance Inspection of Bridges, released in 1970.  
3. FHWA, Recording and Coding Guide for the Structure Inventory and Appraisal of 
the Nation’s Bridges (coding Guide), released in July 1972.  
These manuals have been revised and are being updated on regular basis. As per NBI (2011), 
approximately 59,000 bridges have been replaced or rehabilitated under this program, since 
1979 to 2003.  
 
2.2.2.1 Types of Inspection 
Bridge inspections are performed to evaluate the functional and physical condition of the 
asset AASHTO (2011). They are performed with an aim to initiate the maintenance actions, 
provide record of the bridge condition and to establish the priority for repair and 
rehabilitation programs. These objectives resemble with Australian practices as well and to 
meet these objectives, different types of inspections are performed over the service life of the 
bridge.  
There are seven types of inspections which are conducted for the establishment of 
appropriate inspection levels in relation with the type of structure and its details. Intensity of 
each inspection type varies, for example, with the extent of access required to the structural 
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element and level of essential structural details for physical inspection. Table 2.6 provides a 
summary of these inspections along with a brief discussion: 
Table 2.6 Type of Bridge Inspections as per FHWA Guidelines 
Initial Inspection  
It is the first inspection of a bridge when it becomes a part of 
the bridge file, but elements of this inspection are also valid 
if there are some changes in the structural configuration. It is 
performed by qualified inspection personnel. First purpose 
of this inspection is to provide all Structural Inventory & 
Appraisal (SI&A) required by federal and state regulations, 
along with all necessary information gathered by Bridge 
Owners. Second purpose is to determine the baseline 
structural conditions and identify and list any existing 
problems that may have potential problems.  
Routine Inspection  
Inspections are scheduled on regular basis. It consists of 
observations and measurements or both, needed to determine 
the physical and functional condition of the bridge, to 
identify any changes from “Initial” or previously recorded 
conditions and to ensure that structure condition continues to 
satisfy present service requirements. Regular inspections 
should satisfy NBIS requirements with respect to maximum 
inspection frequency, updating SI&A data and qualifications 
of inspection personnel. These inspections are performed 
from deck, ground level, water level or both, also sometimes 
from permanent work platforms and walk ways.  
The results of regular inspections should highlight the 
recorded condition of bridge with appropriate photographs 
and a report that incorporates any future recommendations 
for maintenance or repair and for scheduling of follow up In-
Depth or Special Inspections, if needed. The load capacity 
should be re-evaluated to the extent that changed structural 
conditions would affect any previously recorded ratings.  
Damage Inspections 
It’s an unscheduled inspection performed to assess the 
structural damage caused by environmental or human 
actions. The scope of the inspection is sufficient to 
determine the need for emergency load restrictions or 
closure of the bridge and to identify the required level of 
repair, if necessary. Effort of inspection depends on the 
extent of damage. In case of major damage, inspectors 
evaluate the fractured members and determine the extent of 
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section loss. A capability to make on-site calculations to 
establish emergency load restrictions may be desirable. This 
inspection may be supplemented by a timely In-Depth 
Inspection to establish or adjust interim load restrictions or 
needed follow-up procedures.   
In-Depth Inspections  
It’s a close up and hands on inspection of one or more 
members above water level to determine any deficiencies not 
detectable using Routine Inspection procedures. Special 
measures are taken to perform this inspection, such as, 
traffic control management and arrangement of special 
equipment, for example, under-bridge inspection equipment, 
staging and workboats. Sometimes, non-destructive field or 
material tests need to be undertaken to fully ascertain the 
existence of any deficiency. Inspection may contain a load 
rating to assess the residual capacity of the member(s) 
depending upon the extent of damage or deterioration.  
These inspections can be scheduled independently of 
Routine Inspections. For small bridges, if permitted, this 
inspection should incorporate all critical elements of the 
structure, whereas, for large bridges inspection can be 
performed on designated group of elements. Findings of 
these inspections should be documented carefully.   
Fracture-Critical 
Inspections 
This inspection is performed on steel bridges and should 
incorporate identification of fracture critical members 
(FCM) and development of plan to inspect such members. 
Frequency of the inspection should be in accordance with 
the NBIS. A detailed and close visual “hands-on” is the 
primary method to locate cracks. Special arrangements may 
be needed, such as, prior cleaning of critical areas before 
inspection and additional lightning and magnification. 
Photographs should be taken and sketches should be made of 
the conditions found on the site.  
Underwater 
Inspections  
It involves sounding to locate the channel bottom, probing to 
locate the deterioration of substructure and undermining, 
diving to visually inspect and measure bridge components. 
These inspections can be supplemented by the use of 
underwater imaging technologies. Scour evaluations are to 
be performed for all existing bridges that have been found to 
be scour susceptible.  
Underwater Inspections of structural members that cannot be 
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inspected visually or by wading during the routine 
inspections are required at frequencies as specified in NBIS.  
Special Inspections  
This inspection is scheduled at the request of the bridge 
owner or the responsible authority. It is performed to 
supervise a particular known or suspected deficiency, such 
as, foundation settlement or scour and member condition. It 
can be performed by any qualified person familiar with the 
bridge and available to accommodate the assigned frequency 
of investigation. Nature of deficiency and its functional 
relationship to satisfactory bridge performance should be 
made available to the inspector. Guidelines and procedures 
on what to observe, measure or both must be provided and a 
timely process to interpret the field results should be in 
place. 
 
From above mentioned inspections, Routine Inspections are conducted at most number of 
times to assess the condition of the bridge assets. Outcomes of the Routine Inspection are 
used significantly to determine future inspections and develop the maintenance programs. 
Inspection program manager is the individual who is assigned the duties and responsibilities 
for the bridge inspection, reporting and inventory. Bridge inspectors have to meet certain 
qualification requirements as per NBIS. In general, bridge inspectors provide a complete 
supervision of the bridges.  
 
2.2.2.2 Frequency of Inspections 
As per the manual, each bridge should be inspected on regular basis and must not exceed 24 
months. In some cases it can be performed at longer intervals, based on the past reports, 
performance history and analysis. To conduct inspections at greater than specified 24 months 
period, a detailed plan including, supporting rationale is developed and submitted to federal 
and state agencies for approval.    
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2.2.2.3 Inspection of Reinforced Concrete Girders 
To assess the condition of the reinforced concrete girders, bridge inspectors should follow 
the procedures mentioned in (AASHTO, 2011). Out of all procedures recording field 
measurements is an essential requirement. Field measurements are documented to maintain a 
baseline data and to track any changes which may occur over the time. If structural plans are 
available, then they are provided to the inspector.  
All reinforced concrete girders are inspected for cracking. Location and sizes of cracks are 
precisely documented for future reference and comparison. Apart from crack properties, 
inspectors also make an attempt to locate the possible cause of cracking, such as, shrinkage, 
overstress, settlement of the substructure or any possible chemical action. In addition, 
inspectors also check the stems of members for any abnormal cracking and any 
disintegration of the concrete over bearings. Cracking may happen in any part of the 
structural component, but nature of few cracks may reflect possible root cause of cracking. 
Such as, diagonal cracks radiating from the bearing towards the centre of span indicate 
overstress caused by shear. On the other hand, vertical cracks extending upward from the 
girder soffit near centreline of span indicate overstress in tension.  Therefore, it’s always 
suggested that inspectors examine the outside face of the girders for significant cracking. 
Also, inspectors should check the diaphragms for cracks.  
2.2.2.4 Condition Rating of Bridge Girders 
To record the condition and extent of cracks for a bridge girder a numeric coding rating 
system is adopted, as shown in Table 2.7. Condition rating system used in U.S.A is different 
from Australian practices. Condition ratings are used here to illustrate the condition of in-
service bridge girders, as compared to the as-built conditions (FHWA, 1995). 
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Table 2.7 Condition Rating of Bridge Girders  
Code Description 
N Not Applicable  
9 Excellent Condition  
8 Very Good Condition – no problems noted  
7 Good Condition – some minor problems  
6 Satisfactory Condition – structural elements show some minor 
deterioration.  
5 Fair Condition – all primary structural elements are sound but may have 
minor section loss, cracking, spalling or scour.  
4 Poor Condition – advanced section loss, deterioration, spalling or scour  
3 Serious Condition – loss of section, deterioration, spalling or scour have 
seriously affected primary structural components. Local failures are 
possible. Shear cracks in concrete may be present.   
2 Critical Condition – advanced deterioration of primary structural 
elements. Shear cracks in concrete may be present or scour may have 
removed substructure support. Unless closely monitored it may be 
necessary to close the bridge until corrective measure is taken.  
1 “Imminent” Failure Condition – major deterioration or section loss 
present in critical structural components or obvious vertical and 
horizontal movement affecting the structure stability. Bridge is closed to 
traffic but corrective action may put back in light service.  
0 Failed Condition – out of service – beyond corrective action.  
 
 
Similar to Australian practices, the condition rating system of USA also highlights the 
significance of cracking in the coding system, such as hairline, narrow, medium and wide. 
As per the manual, it is essential to record crack length and its sizes for reinforced concrete 
bridge girders. Therefore, FHWA (2003) provides crack width definitions to measure the 
cracks.  
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Author couldn’t locate any practical case studies which can demonstrate the application of 
the manual, as provided for Australian practices. But these inspections types and routines are 
referred globally to establish the inspection guidelines for a country or region. Subsequent 
section summarises the common and different attributes of the Australian and USA 
inspection manuals.  
 
2.3 Comparison of Australian and U.S.A Condition 
Monitoring Practices  
Condition monitoring inspection manuals of Australia and U.S.A have common objectives, 
behind inspecting the bridge assets. Australian practices have three levels of inspection and 
U.S.A practices are categorised in seven sections. From both manuals, most performed 
inspections are, Level 2 - Road Structure Condition Inspections and Routine Inspections, 
respectively. Both of these inspections are performed visually and at same frequency, but 
condition data is collected in different ways. For Australian practise, condition state 
descriptors are used along with condition ratings. Condition rating is calculated based on the 
percentage of affected area to the total area and then allocating the calculated percentage to 
the closest condition state. On the other hand, for U.S.A, condition rating is recorded based 
on numeric form, i.e. 0 to 9, where 0 signifies the failed condition and 9 signifies excellent 
condition. These numeric expressions do not represent the quantitative behaviour of the 
component. Every numeric expression has a subjective description to illustrate the condition 
in qualitative terms. Therefore, the condition data becomes more qualitative and subjective.  
Apart from the above similarities and differences, another key similarity is reflected in the 
method of assessing the bridge girders. Both manuals suggest similar techniques to identify 
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the on-site conditions. For example, one of the methods to locate the signs of distress in a 
reinforced concrete bridge girder is to identify crack widths, spalling and scour. From all 
distress signs, prominence is given to identify and document the location of cracks. 
Documentation of crack width acts as a baseline to determine the degree of deterioration. 
Crack widths are also significant to such an extent, because they reflect the magnitude of the 
exposure of reinforcement to water and other structural issues. Such type of cracking also 
becomes a concern for the asset owners (Stewart & Mullard, 2007). Henceforth, range of 
crack widths are provided in both manuals to make an accurate judgement, based on the 
visual outlook. But, visual inspection reports partially fail to provide relevant crack width 
information, until cracks become obvious to naked eye. Therefore, it is of importance to 
establish a quantitative approach, which can support the qualitative recordings and eliminate 
subjectivity from the decisions.   
 
2.4 Application of Structural Health Monitoring Methods to 
Support Condition Monitoring  
Visual inspection is considered as heuristic and traditional approach applied to specific 
structures, such as, bridge assets (Aktan et al., 2000). This approach provides less reliable 
bridge assessment outcomes; therefore, to overcome the challenges, smart technologies and 
devices have been developed lately. These inventions are known as “Structural Health 
Monitoring” techniques, used for surveillance, evaluation and assessment of existing or 
newly constructed bridges (Ko & Ni, 2005).  
Researchers define structural health monitoring in different ways. As per Wu and Fujino 
(2005), SHM is an assessment method, which is performed on regular basis for newly 
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constructed and/or in-service bridges, involving inspections and measurements with 
minimum labour requirement. On the other hand, according to Bagavathiappan et al. (2013), 
the process of implementing a damage identification strategy for condition monitoring is 
known as structural health monitoring, where damages are defined as change in the material 
and geometric properties. Similarly Catbas et al. (2008) defines SHM as, tracking the 
response of a structure along with inputs over a sufficiently long duration, to determine 
anomalies, detect deterioration and identify damage for decision making. In addition, SHM 
signifies an ideal scenario, where it is utilized to conduct real-time inspection and damage 
detection using “smart” devices (Wu & Fujino, 2005). In practise, most of the real time 
based monitoring techniques, are installed to monitor large-scale bridges, such as, 
suspension and cable-stayed bridges.  
Real time monitoring covers an array of subjects and topics such as, sensors, 
communication, signal processing, data management, system identification, infrared 
technology and so on (Bagavathiappan et al., 2013; Ko & Ni, 2005). Most of these 
techniques involve collaboration of several engineering streams, such as, civil, electrical, 
computer and mechanical. These technologies and their correlation have been in 
development over a long period of time. Spectral Analysis of Surface Waves (SASW) was 
developed in late 1950s and 1960s, based on surface waves to determine the thickness and 
elastic stiffness of pavement slabs (Chong et al., 2003). Similarly, in recent years, wireless 
sensor technologies have been adopted extensively to further improve SHM platforms for 
bridges (Sazonov et al., 2009; Tselishchev & Boulis, 2009).  Application and investigation 
of these methods have been an area of research at a global platform (Chang et al., 2003; Ko 
& Ni, 2005). But, application and adaptation of these techniques is challenging for local 
asset owners. Following discussion illustrates the reasons behind using condition monitoring 
techniques over advanced structural health monitoring tools.    
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Application 
Regular condition monitoring and structural health monitoring have a common objective, i.e. 
to maintain the integrity of bridge asset, however, there is a slight difference in the 
application and adaptation of these methods. At present, structural health monitoring 
methods are used with varying degree of sophistication, because it requires professional 
installation, regular up-gradation and special data monitoring packages. State authorities 
have adapted these methods to maintain main highway bridges. These bridges witness a 
large amount of traffic on daily basis and subject to the steady increase in traffic load with 
time. To maintain the integrity and safety of such bridge assets, state authorities prefer 
structural health monitoring techniques in spite of regular condition monitoring methods. 
State authorities are predominantly well funded, hence it is not challenging for them to 
choose advanced techniques. On the other hand, local councils and shires remain under 
funded and struggle to adapt new technologies. Another reason which restrains the 
acceptance is that, the structural health monitoring technologies require expertise to 
understand and simulate the real-time monitoring data. Whereas, condition monitoring via 
regular visual inspections is a simple straightforward approach and does not involve 
significant post processing task, except for Level 3 and In-Detail inspections. But, condition-
monitoring approach carries considerable amount of subjectivity and is a major concern for 
the regional asset owners.  
Apart from the challenges faced in adapting new technologies, local asset owners face 
several other challenges, which are not gauged and prioritised. A discussion of such 
challenges is provided in subsequent section, emphasising on the problems associated with 
visual inspections and qualitative data.  
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2.5 Challenges Faced By Local and Regional Asset Owners 
Local and regional asset owners maintain a large number of small to medium segment 
bridges, which were designed and constructed during 1950s and later. These bridges have 
been in use for a long duration of time and require regular inspection. To perform the 
inspections, the asset owners still abide by the traditional condition monitoring approach, 
and as a consequence, face numerous challenges to maintain these bridge assets. Degree of 
these challenges varies from council-to-council and shire-to-shire. There are some common 
challenges which each asset owner faces, regardless of the location and type of bridge asset. 
A list of such challenges is provided below.  
 Poor record keeping of maintenance history.  
 Unable to maintain the changing regime of inspection procedures.  
 Different ways are used to collect condition data for a bridge asset.  
 Less likely to simulate and understand the effect of increase in traffic loads and 
changes in material properties.  
 Unable to identify the right time of intervention to inspect the structure in detail.  
 Financial limitations affect the frequency of inceptions and adaptation of new real 
time monitoring techniques.  
 Financial constraint also delays the maintenance scheduling.   
 A limited database which represents the past condition-monitoring reports.  
 Unavailability of as-built structural information, such as, structural drawings. 
Another key challenge which rural asset owners face is the management of condition 
monitoring dataset and utilization of the recorded condition appropriately for capital 
forecasting and maintenance scheduling. Challenges related to condition monitoring 
database are shown below: 
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 Majority of the data collection is qualitative or subjective (Phares et al., 2004). 
 Not recorded at regular intervals of time.  
 Data collection methods were different prior to the introduction of RSIM in 2011.  
 Some owners confront the issue of limited experienced inspectors, hence resource 
limitation and work pressure, which ultimately affects the quality of recorded data.  
 Sometimes, an inspector does not have clear access to get underneath the bridge or 
site due to high water level, extra weed grown underneath or around the bridge deck; 
valley is too deep, unavailability of appropriate machinery, such as, long boom 
cranes or bucket truck. As a result, inspector makes comments by just looking at the 
structural element, far from the actual position and occasionally without even been 
able to look at the structural element. Due to which critical information remains 
undocumented, such as, crack widths and their visual pattern for bridge girders.  
 Continuous rotation of inspectors at inspection sites also brings dissimilar condition 
ratings (Caner et al., 2008).  
 Occasionally, right condition state is not assigned to the structural elements; hence 
misleading information is fed into the database (Phares et al., 2004).   
To eliminate these challenges, structural health monitoring methods can be adopted. But 
they also carry certain limitations, hence making it difficult for a local asset owner to adapt 
them. Few of these challenges are: 
 Large amount of data is generated using structural health monitoring techniques; but 
major challenge is to make sense of these data sets. 
 Common challenges: 
o System maintenance  
o Data acquisition and quarantine  
o Recognition of spurious noise in data acquired  
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o Post processing of collected data  
 Adaptation of new SHM techniques by the asset owners is slower than invention of 
new techniques and updating of existing methods.  
Extent of above mentioned challenges and limitations is subject to the structural 
configurations and inspection personnel. Having different types of bridges, which are 
constructed at different times of interval with varied design and construction methods, adds 
more challenges for an asset owner. These challenges have been documented after 
conducting several meetings with regional asset owners and from the literature. As per the 
owners, few challenges have been a matter of concern for a long period of time and a small 
amount of challenges have emerged in last few years. To rectify these challenges several 
efforts have been made by road authorities and researchers, however, solutions have not 
been adequate to satisfy the asset owner’s requirement. 
Less reliable decision making techniques, is another prime concern which asset owners face 
on regular basis. Discrete ways of decision making are currently being employed by the asset 
owners. For instance, few rural asset owners use Moloney’s (Moloney, 2016) model to 
forecast future maintenance scheduling and capital works program, using latest condition 
monitoring qualitative data. This monitoring data is collected as per the Moloney’s 
guidelines and suggested performance scale, i.e. 1 to 10. If an element scores 1, then it’s in 
critical condition and if it scores 10, then the condition is excellent. Moloney’s model was 
developed by a group of experts before the inspection guidelines were standardised in 
Victoria. However, introduction of road structures inspection manual has brought further 
concerns for local asset owners. It has become challenging to adapt the new condition 
monitoring data collection techniques and use the condition monitoring data as an input for 
Moloney’s model. Henceforth, it affects the bridge management practices of rural asset 
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owners. As a solution, a group of asset owners are looking to correlate the current recorded 
condition data with Moloney’s scale, but haven’t gained much success, as of now.  
Above listed challenges, concerns and limitations are presented for a complete bridge asset, 
but they are seen at element level as well, such as, bridge girders. To solve these challenges, 
author focuses on bridge girders itself and proposes a quantitative approach to examine the 
girder and take appropriate decisions based on quantitative outcomes.  
 
2.6 Bridge Management System (BMS) in Australia and Role 
of Condition Monitoring 
Previous discussions emphasise on condition monitoring practices, rather than asset 
management practices. Therefore, it is of interest to briefly understand the current Bridge 
Management System (BMS) used in Australia and what is the role of condition monitoring 
in a successful BMS.  
According to Austroads (2013), the ultimate objective of a bridge management system is to 
provide an effectively maintained, upgraded and operated bridge asset. It should be 
conducted utilising the engineering principles in combination with sound business practice 
and economic rationale. In addition, it should also provide long-term effectiveness, while 
balancing community expectations of levels of service and available budgets. In order to 
meet these objectives, BMS comprises several modules that may be used for the effective 
management of bridge assets, either corporately at network level or locally for individual 
bridges (AP-R198, 2002). Modules include relevant management inputs, activities, probable 
constraints and expected outputs which can be incorporated in a BMS tool based on the 
owner’s requirement. Most of the BMS tools are developed by the respective authorities at 
39 
 
state or national level. AASHTO guidelines for Bridge Management Systems suggest that a 
bridge management system should include four basic components, i.e. data storage, cost and 
deterioration models, optimisation models for analysis and updating functions. A 
comparable bridge management system structure is proposed in AP-R198 (2002) and shown 
in Figure 2.5. As per the figure, a set of activities make a database, which are either 
considered interrelated or individual, such as, inspection and bridge condition. These 
activities are performed within given codes and guidelines and managed by an organisation 
based on the required outputs.   
 
Figure 2.5 An example of a bridge Management System structure (AP-R198, 2002).  
 
Several such models have been developed around the globe and adopted with varying degree 
of success. Two such successful models are PONTIS and BRIDGIT, developed in USA. 
These models have been adopted as reference guide, by most of the road authorities and 
asset owners. In Australia, a typical bridge asset management system comprises a 
combination of two approaches, namely, bottom-up approach and top-down approach 
(Austroads, 2013). A bottom-up approach emphasises on project-level analysis which 
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dictates network strategy. On the other hand, the top-down approach aims on planning and 
strategy management at the bridge network level. In a top down approach standards are 
outlined before prioritisation of individual bridge projects. On the other hand, in a bottom-up 
approach, information from all individual bridge projects is fed into the system and then 
defines the standards for prioritisation. Figure 2.6 is selected from AustRoads Bridge 
Management using Performance Models module, which indicates both approaches, at 
elementary and network levels. It also shows how the information is collected and utilised in 
a bottom up approach, ensuring that bridge performs in a manner that it is designed for.  
Figure 2.6 shows relation between “Current Bridge Condition” and “Works Program”, along 
with a feedback loop, which signifies the criticality of the relation. Condition ratings are 
used to identify the condition of the bridge and are traditionally considered as the key 
performance indicators. These ratings are used for prioritisation purposes using a utility 
function based on risk. However, it is of significance to develop a relation between load 
capacity adequacy and condition ratings, because condition ultimately affects load carrying 
capacity. Load carrying capacity cannot be estimated directly using qualitative condition 
ratings. Typically, these estimations do not provide any absolute value or measures. Hence, 
it can be established that, the condition monitoring and present condition of the structure, 
play a significant role in asset management.  
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Figure 2.6 Bridge asset management frame work (Austroads, 2013). 
 
Condition rating comes with large uncertainties which may affect the whole bridge asset 
management and can lead towards flawed decision making. Such as, an essential work 
required for a bridge girder might get missed; unrequired strengthening work can be 
controlled and pro-active measures can be put in place as per the requirement. In order to 
eliminate and reduce these uncertainties, AP-R198 (2002) suggests several activities which 
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can be further developed to improve the existing asset management system. Few of these 
activities are listed here: 
 Further development of a detailed bridge management model.  
 Identify the main cause and source of uncertainties.  
 Develop a combined qualitative and quantitative system model to enhance the 
decision making and eliminate uncertainties.  
 Additional investigation to develop reliability models and examine the sensitivity 
process.  
This research aims towards the development of a combined quantitative and qualitative 
approach which is more cost effective and focuses to eliminate the uncertainties. In order to 
validate the proposed methodology, authors have used bridge girders as an example to 
discuss the new relation between qualitative and quantitative approach. A small component 
of reliability model is also discussed and presented in Chapter 6.     
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Chapter 3                                              
Theoretical Underpinning of Cracking 
3.1 Introduction 
To assess the functionality and safety of a bridge girder, visual inspectors look for possible 
appearance of cracks on concrete surface, because cracks are regarded as key distress 
indicators. Visually recorded condition data related to cracks, is used extensively for future 
decision making and analysis. But, as mentioned in Chapter 2, these recordings are purely 
qualitative and lead asset owners to take decisions under uncertain environment. Therefore, 
author investigates cracking as a more quantifiable means in supplementing visually 
recorded condition data, which may enhance asset owner’s decision making process. This 
may be considered as a quantitative bridge girder assessment process. To understand the 
proposed quantitative approach, which is principally based on cracking and crack width as a 
major symptom of degradation, is discussed in detail.   
3.2 Cracking 
The appearance of cracks in reinforced concrete bridge girders is inevitable. Appearance of 
cracks commences early age and continues to grow over its life cycle. It disrupts the bond 
strength between steel and concrete. When a reinforced concrete section is subjected to 
bending, at low loads strain, compatibility exists between the steel and the concrete (Higgins 
et al., 2013). But, as the load increases with time, the characteristic low tensile strength of 
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concrete exceeds the basic limit and cracking happens (Alam et al., 2010; Allam et al., 2012; 
Borosnyói & Balázs, 2005; Higgins et al., 2013). Apart from the loading, restraint provided 
by the structure to volume change also initiates cracking (Alam et al., 2010).  
Cracks are recorded and measured as crack widths. Crack widths signify the possible 
damage conditions of a concrete structure (B. Zhang et al., 2014). Maximum flexural cracks 
usually appear at the tensile face of a flexural reinforced concrete (RC) member under 
bending. This happens because RC members have high flexural rigidity. Cracking 
behaviour, such as, width, depth, length, pattern and orientation depends on many factors. 
Few factors which influence the cracking behaviour are Young’s moduli, reinforcement 
ratio, concrete cover, cross sectional area of reinforcement, bar diameter and girder cross 
section area (R. I. Gilbert & Ranzi, 2011). In addition, the bond between reinforcing bars 
and concrete also affects the cracking behaviour of reinforced concrete members (Balaguru 
& Shah, 1982; Oh & Kim, 2007a). Apart from these parameters, surrounding environment, 
material degradation rate and material type used at the time of construction and water cement 
ratio also play a signification role in the development of cracks and their orientation. It is 
also noticed that, size of cracks and distance between cracks vary considerably due to 
random variation in the properties of concrete.  
 
Effects of Cracking 
Cracking significantly affects the durability, safety, sustainability and aesthetics of the 
bridge girder (Vasanelli et al., 2014; Xiang et al., 2012). It also causes the loss of load-
bearing capacity of a girder and may result in an increase in permeability of the concrete, 
which results in an undesirable flow of liquid water ingression through the structural element 
exposed to weather (Dawood & Marzouk, 2010). But, the time of impact on girder strength, 
stiffness and aesthetics vary quite substantially as it depends on the area in which the crack 
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seemed to have appeared. Cracking in girders sometimes initiate early, even before concrete 
sets and sometimes at later stages, after the concrete has hardened. Initial cracking, known as 
plastic cracking, is expected to commence during the early hours of concrete setting. Plastic 
cracking is categorised based on the type of structure, for example, plastic shrinkage 
cracking is commonly noticed in slabs, whereas, plastic settlement cracking is seen in deep 
members (Borosnyói & Balázs, 2005). Cracking in flexural members results due to several 
reasons, for example, flexural loads, shrinkage, creep, thermal effects, shear, torsion, 
frequent usage of girders, material degradation and increase in load limit (Oh & Kim, 
2007a). To understand the cracking pattern of bridge girders in detail, this study focuses on 
the effects of flexural loads along with the effects of shrinkage and creep on cracking. Bridge 
girders are predominantly subjected to cyclic flexural loads, such as, imposed truck loads. 
As the truck loads increase significantly over the life span of a bridge girder, the theoretical 
formulae adopted in design calculations, could also be efficiently employed during the 
maintenance regime to evaluate the fitness of the bridge girders, both in serviceability and 
strength limit state.  
 
Formation of Cracks 
Cracks form internally and externally on the reinforced concrete girder. But the formation of 
the cracks over the life time of structures is segmented into two parts. First phase is crack 
formation phase and second phase is stabilised cracking phase (Borosnyói & Balázs, 2005). 
In crack formation phase, cracks develop at random locations of the bridge girder and are 
known as primary cracks. These are micro level cracks. Primary cracks can be considered 
small, with low crack width value. Such cracks are not generally considered as harmful or 
dangerous to the stability and durability of concrete. But, as the crack width grows, it 
increases the risk of permeability of concrete, which reduces the resistance of the girder 
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against the ingress of aggressive substances. This mechanism allows moisture and air to flow 
in and out and set corrosion in place, by encouraging carbonation and chloride ingress. After 
the formation of primary cracks, internal cracks also develop at the interface of steel and 
concrete (Goto, 1971). Internal cracks deteriorate the steel and concrete bond. As a 
consequence, two materials do not behave in combination and tensile force is not essentially 
transferred from steel to the surrounding concrete (Higgins et al., 2013). It is hard to 
document the internal cracking via visual inspections, unless some obvious signs appear on 
the surface. If such cracking is not gauged at an appropriate time, then it can cause further 
internal deterioration. In first phase of cracking, cracks develop at longer distances, resulting 
distant crack spacing. However, as girder ages crack spacing reduces and crack width 
increases and at this stage cracking enters into its second phase, i.e. stabilised cracking 
phase. In this phase no more new cracks develop and spacing between cracks attains a 
constant value. But, the value of crack width keeps increasing due to the change in truck 
loads and time dependent shrinkage and creep effects. Above mentioned discussion is 
illustrated in Figure 3.1, which highlights the crack growth as concrete ages with time.  
 
Figure 3.1 Crack width versus concrete age 
Figure 3.1 is drawn with an assumption that there is no intervention and no proactive 
measures are taken to arrest the propagation of the crack or the width of the crack. Figure 3.2 
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shows a reinforced bridge girder with possible flexural crack locations, as concrete bridge 
girder ages. 
 
Figure 3.2 Reinforced concrete girder and flexural cracking 
 
Figure 3.3 summarizes the primary cracking in a normal reinforced concrete girder and 
heavily reinforced concrete girder. Also, it shows the development of secondary internal 
cracks. Few of the internal cracks become primary cracks eventually.  
 
Figure 3.3 Flexural Cracking (Primary and Secondary) (Warner et al., 1998) 
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3.2.1 Shrinkage  
Shrinkage affects the performance of concrete structures significantly (Al-Manaseer & Lam, 
2005). It is described as the volumetric deformation that concrete experiences when not 
exposed to load or any restraint (Razak, 1986). Shrinkage often takes place in early ages of a 
structure and contributes to the ultimate shrinkage, increasing the likelihood of cracking in 
concrete in later years (Yodsudjai & Wang, 2013). It is also considered as time-dependent 
strain, measured when a member is not subjected to loading and restrained at a constant 
temperature (R. Gilbert, 2001). In addition, shrinkage strains are autonomous and do not 
relate with the stress conditions of concrete. If shrinkage strains are restrained then they may 
cause cracking, which affects the stiffness resulting in incremental deflection of a girder with 
time. Figure 3.4 shows the growth in shrinkage strain and how shrinkage takes place at a 
decreasing rate with time.  
 
Figure 3.4 Shrinkage strain for reinforced concrete bridge girder 
 
Shrinkage is categorised into three components, namely plastic shrinkage, also known as 
capillary shrinkage, drying shrinkage and chemical or autogenous shrinkage.  
Water in the capillary pores remains below capillary pressure due to surface tension. The 
capillary pressure produces an attractive force between two particles parted by a liquid filled 
capillary or the walls of capillary (Razak, 1986). As a result, a meniscus is formed between 
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particles and pore water under water pressure, causing plastic shrinkage. Plastic shrinkage 
usually takes place in the course of first few hours, after concrete is placed in the formwork. 
Once the pouring finishes, capillary tension in the pore water takes place causing 
considerable cracking. Such cracking cannot be controlled to a great extent, as the bond 
between reinforcement and concrete is yet to develop. Exposed surface members, such as 
slabs, are also more prone to undergo plastic shrinkage, due to large contact surface (Edward 
G. Nawy & Nassif, 2008).    
On the other hand, drying shrinkage is defined as the reduction in volume of the concrete 
due to the loss of moisture content. Drying shrinkage takes place after concrete reaches its 
final set and chemical hydration process in the cement paste has been achieved (Edward G. 
Nawy & Nassif, 2008). Drying shrinkage is usually noticed in smaller quantity in high 
strength concrete compared to normal strength concrete, because of little free water left after 
hydration. Free water within the gel lets the solid particles create internal pressure due to 
surface tension. Subsequently, the change in internal pressure affects the extent of drying 
shrinkage, which is associated with the magnitude of cracking.  
Chemical or autogenous shrinkage occurs when key elements of Portland cement react with 
water, which results in a characteristic volumetric change and reduction in gross volume 
(Razak, 1986). Changes taking place in the volume of concrete due to no or less moisture 
transfer from concrete to surrounding environment, also contributes to some early age 
cracking (Yodsudjai & Wang, 2013).  
So, it is safe to assume that shrinkage accounts for some cracking, mostly at early age, then 
at a decreasing rate with time, in a reinforced concrete bridge girder. Shrinkage based 
cracking depends on the factors affecting the total component of shrinkage (Edward G. 
Nawy & Nassif, 2008), such as: 
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 Water cement ratio: Conventionally, it is believed that higher the water cement 
ratio, higher is the risk of shrinkage effects.  
 Aggregate configuration: Aggregates assist in restricting the shrinkage effects of 
cement paste, therefore, concrete with large aggregates are not as susceptible to 
shrinkage.   
 Cement: Characteristics of cement has advanced in last couple of years. Cement has 
become finer and comprises higher C3S content in comparison with predecessor 
cements. Evaluation of these properties has led to the quicker hydration and 
increasing the potential of shrinkage cracking (A  tcin, 2000; Bentz et al., 2005; 
Bouasker et al., 2008).   
 Relative Humidity (RH) and Temperature: Relative humidity significantly affects 
the amount of shrinkage. Higher the relative humidity lower is the rate of shrinkage. 
Along with relative humidity, temperature is another important factor which affects 
the shrinkage. Shrinkage gets more stabilized at lower temperatures.  
 Reinforcement: Amount of reinforcement used in concrete helps to restrain the 
shrinkage and considered very beneficial than the plain concrete.    
3.2.2 Creep  
When concrete is subjected to sustained loads, further deformation takes place with time and 
this phenomenon is known as creep. Creep tends to increase with time, but at a decreasing 
rate. Concrete under stress develops creep strains with time, due to creep deformation. Creep 
develops at a higher rate in the initial period of loading a bridge girder, but the growth rate 
decreases substantially with time. Initial deformation due to applied load is called as elastic 
strain, and further strain as a result of same sustained load is known as creep strain (Edward 
G. Nawy & Nassif, 2008). Creep strain occurring after concrete is loaded can be around 25% 
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to 50% of the immediate strain within 24 hours and greater in later years (Gardner & 
Lockman, 2001). According to R. I. Gilbert and Ranzi (2011), 50% of final creep is attained 
in first 2 to 3 months after loading and the remaining creep would take 2 to 3 years.   
Creep is divided in two segments, namely, basic creep and drying creep. Creep of concrete 
occurring when no shift in moisture takes place into and out of the ambient medium, i.e. 
drying, is known as basic creep (Razak, 1986). Basic creep does not get affected due to the 
size of bridge girder. Further creep which occurs with drying specimen is known as, drying 
creep. Majority of time dependent creep deformation depends on the hydrated cement and 
the amount of water.  
As mentioned above, mechanism of creep is associated with the moisture movement and to 
the gradual development of micro cracks in the concrete (Warner et al., 1998). Creep is not 
entirely reversible. But, if the sustained load on a girder is removed after a certain period of 
time t0, then some amount of elastic recovery is achieved, which is less than the strain 
developed at the time of loading. The sudden recovery is followed by additional slow 
reduction in time-dependent strain, is known as creep recovery or delayed elastic recovery. 
As per R. I. Gilbert and Ranzi (2011), the extent of creep recovery is around 40 to 50 precent 
of the elastic strain. A certain component of creep strain is permanent and remains 
irreversible, known as remaining creep. Figure 3.5 illustrates the creep phenomenon along 
with shrinkage strain versus time. As it is not a completely reversible mechanism, amount of 
recovery predominantly depends on the age of concrete and time of loading. At the early age 
of concrete, creep properties are significantly influenced by the temperature as well 
(Hauggaard et al., 1999; Østergaard et al., 2001). In general, it is believed that older concrete 
showcases greater creep recoveries than premature concrete. Shrinkage and creep are closely 
related to each other. They represent interrelated mechanism, as variables influencing them 
are very similar and present comparable strain vs. time curves.  
52 
 
 
Figure 3.5 Strain and sustained stress versus time 
 
Creep for an in service bridge girder cannot be measured directly. It is usually expressed as 
the summation of creep, instantaneous and shrinkage strains, as shown in Equation 3.1.  
                                                 (3.1) 
Although shrinkage and creep are dependent components, the principle of superposition of 
strains is considered valid and acceptable here (Edward G. Nawy & Nassif, 2008). Several 
factors influence the extent and growth rate of creep. Few of them include concrete mix and 
its constituents and rest is related to environment and loading conditions (Marí et al., 2010). 
Usually, as concrete gains strength, creep of concrete decreases with time. List of factors 
which effect creep are listed below: 
 Sustained Load: Creep is significantly influenced by the magnitude of applied load 
and duration of loading. In addition, early age creep and initial rate of creep indicate 
strong age dependency when the concrete is loaded (Salah Ahmed Altoubat, 2000; 
Salah A Altoubat & Lange, 2001; Springenschmid, 1994). Ultimate strain is 
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developed due to sustained stress, but a small percentage of ultimate strain is 
reversible, hence loading affects the creep magnitude.  
 Water Cement Ratio: Along with loading, creep also depends on water cement 
ratio present in the concrete. In general, creep is subjected to decrease as the water-
to-cement ratio decreases and higher creep is noticed when w/c ratio increases 
(Bissonnette & Pigeon, 1995).   
 Relative Humidity and Temperature: Surrounding environment, such as relative 
humidity and temperature also affect the final creep value. Creep is expected to 
increase as the relative humidity decreases, but, as concrete gains strength 
dependency of creep on relative humidity decreases. On the other hand, rise in 
temperature leads to the growth in creep. Effect of ambient temperature is quite 
crucial as it affects the volumetric proportions of hydrate, absorbed and capillary 
water.  
 Member Size:  Creep also depends on the member size. Higher creep values are 
noticed in thin members, who have larger surface area, for example slabs. 
 
3.2.3 Imposed Loading 
In addition to shrinkage and creep, variation in applied loading also results in cracking and 
increase in crack widths over time. Such cracks close and open because of the cyclic nature 
of imposed live loads as in the case of bridge decks and girders. Contribution of these 
phenomena, as a contributing factor in aging and degradation of a bridge deck and girder 
cannot be ignored. Initial loading might not cause an immediate and severe crack but 
frequent change in imposed loading do affect the performance and increases the likelihood 
of cracking. In real scenario, a bridge girder does not remain under constant imposed live 
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loads except self-weight and super imposed dead loads, such as, pavements and screed, 
guard rails, slab and services supported by the bridge deck such as drainage pipes. Girder 
usually faces live loads, such as truck load, cars and pedestrians on regular intervals. 
However, it becomes critical and concerning, when a truck or pair of trucks stay over the 
bridge for a long duration. At that time, accumulation of dead loads, superimposed dead 
loads and sustained live loads become significant which may initiate cracking or further 
enhance existing crack widths. Duration of sustained live loads and actual load are 
significant parameters which affect the magnitude of cracking, at any age of the girder. It is 
challenging to document these effects on real time basis in a cost effective way, as they 
develop over time and vary for each girder and each bridge. Therefore, regular visual 
inspections are planned to locate any possible changes and possible signs of distress, such as 
cracks for bridge girders. Loading significantly contributes as a main cause of cracking 
throughout the life of the girder, but only qualitative appearance of cracks are recorded, 
along with a probable number to justify the condition. Therefore, it is of great importance to 
quantitatively assess the condition of bridge girders and to supplant the qualitative 
assessment made by bridge inspectors.     
Consequences of change in loading over time and how the introduction of new trucks has 
affected the structural performance are discussed in Chapter 4. In the following sections of 
this chapter, a practicable and cost effective methodology is introduced to predict the crack 
widths of a bridge girder, which includes the effective usage of design codes and empirical 
based crack width formulae which are widely used during design phase. There are other 
possible means of minor cracking, such as, casting and handling, transportation and 
placement, which are random and difficult to identify and which could have a secondary 
influence on later development of crack widths and patterns of cracking.   
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3.2.4 Effects on Reinforced Concrete Bridge Girders 
Effects of shrinkage, creep and flexural induced cracking due to imposed loading on 
reinforced concrete bridge girders are illustrated in the above discussion. Shrinkage is 
considered as the most common cause of cracking in a girder during its early age. It is 
believed that primary cracking occurs due to drying shrinkage, as the concrete is poured and 
is still plastic. If girder is not restrained due to reinforcement and surrounding concrete, then 
shrinkage is of little concern, but such is not the case. When the tensile stresses develop due 
to imposed load, creep helps to reduce the stresses but is unable to control the cracking and 
as soon as the stresses exceeds the tensile strength of concrete cracking begins. After 
primary cracking takes place on girder, although not necessarily perceptible to naked eye, a 
large variability is noticed in crack widths and spacing (Warner et al., 1998). This 
phenomenon is difficult to observe and document by a bridge inspector from a distance. 
These crack widths increase as concrete ages. Apart from material and increase in applied 
loads, pre-existing shrinkage strain also contributes towards the growth of crack widths.  
On the other hand, creep is less likely to cause any cracking, whereas it relives the stress 
from concrete and transfers to reinforcement, causing steel to carry the applied load. In 
general, creep distributes the applied loads evenly along the girder, hence reducing the 
likelihood of cracking. Creep results in the deflection of a girder which must be maintained 
as an aesthetic point of view. It is suggested that, concrete tests should be carried out and 
long term behaviour must be extrapolated to identify the deformations due to creep and 
shrinkage (Gardner & Lockman, 2001). Such tests have been conducted recently by Gilbert 
which showcase the time dependent deformation of reinforced concrete members due to 
constant sustained service loads and shrinkage (R I Gilbert & Nejadi, 2004).  
In addition, creep and shrinkage also reduce the durability of the bridge girder. After the 
concrete is cracked it provides a passageway for the external environment constituents to 
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flow in, which initiates corrosion. As a result, it reduces the capacity and resistance of the 
girder with time. An illustration of strength reduction with time is shown in Figure 3.6.  
 
 
Figure 3.6 Conceptual diagram how strength and stiffness reduces with time 
 
3.2.5 Observation of Existing Bridge Girders 
To fully understand the crack pattern, appearance and orientation of cracks, few in-service 
bridge girders were inspected and investigated in detail. These bridges are currently 
maintained and operated by regional asset owners. They were constructed during late 1950s 
and in early 1970s. Design, construction and operation of all these bridges were originally 
looked after by state road authorities. But, due to the increase in number of bridges it got 
challenging for state road authority to effectively operate and maintain them. As a 
consequence, state road authority decided to hand over a large number of bridge to local or 
regional road asset owners for better and effective asset management. At the time of hand 
over, regional asset owners received limited design and construction information. However, 
author managed to source the relevant structural drawings and information related to 
material properties through state road authority. Most of these bridges were designed and 
constructed using Working Stress Method (WSM). WSM is discussed in detail in Chapter 4.  
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During the observation of the girders, author looked for possible and obvious location of 
existing cracks, crack widths, cracks developing at unlikely locations and any sign of 
corrosion. Inspection was performed in conjunction with road structures inspection manual 
of Victoria. In addition, photographic evidences were also collected to study the behaviour 
and identify possible cause of cracking. Since, it is difficult to identify the exact cause of 
cracking at the time of inspection; therefore a detailed study is always considered beneficial 
and good for future reference. For an informed outcome and understanding, earlier 
inspection reports were also provided by the asset owners and later used to compare with 
onsite inspection report. Previous inspections were also undertaken as per current RSIM.  
Past reports did not indicate any maintenance history and no visual signs of cracking in 90% 
of bridges to the great extent. Such information is found to be interesting and alarming, 
considering the bridges are used frequently by heavy trucks and age of the bridges range 
between 40 to 50 years. But, researcher’s onsite recordings indicated fine to heavy cracking 
appearing on the girders, along with photographic evidences. A large number of these cracks 
were seen in the tensile zone of the girder, i.e. close to the cover and reinforcement levels. 
Whereas, some cracks are also seen running parallel to the tensile reinforcements.    
After locating the cracks and the possible crack widths, the key concern was to identify the 
most probable cause of cracking. It was difficult task to trace any evidence as; no past 
shrinkage and creep data was recorded to signify the contribution towards cracking, in 
addition to the load history. Hence, it was challenging to establish the causes without 
quantitative evidences. But, during meetings owners mentioned about the approval of large 
trucks which could access the previously restricted routes and bridges, such as B Doubles. 
Vic Roads had to provide access to these locations due to high consumer demand and 
increasing pressure from transport agencies. This was then considered as one of the key 
causes of cracking, as these bridges were not designed and constructed to cater such extent 
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of load. It is also safe to assume that there are other factors as well which initiate and 
enhance cracking with time, such as shrinkage, creep, material degradation, distance of the 
bridge from coastal line and economical contribution of the area where bridge is located, 
means frequency of large freights on regular basis result in excessive cracking. Cracking 
affects the durability of the structure and reduces the load bearing capacity. But, capacity is 
not governed by the crack width appearing on the surface. Therefore, it is important to locate 
these cracks when they are at micro level and establish a proactive approach to restrict their 
growth within given budget and time frame.  
 
3.2.6 Influence of Crack Width and Corrosion Setting 
Concrete is considered watertight (not waterproof) until it remains in uncracked phase, but 
cracks start appearing with time due to several reasons, such as, environmental effects and 
overstress (Gowripalan et al., 2000). After a reinforced concrete bridge girder cracks, it 
provides a passageway to external components which sets the reinforcement corrosion in 
motion (Allam et al., 2012). Corrosion starts taking place due to continuous ingress of water 
and moisture through cracks. Even a crack width of 0.10 mm (0.004 in.), which is called a 
hairline crack, provides a free passsage to water and chloride ions in marine environment 
(Harries et al., 2011; Pourasee et al., 2011). After reinforcement corrosion begins, it affects 
the structural integrity and durability of the structural component (Gowripalan et al., 2000). 
Therefore, identifying cracks at a primary stage is of engineering importance (Chen et al., 
2003).  
Several laboratory experiments and research suggest that cracks initiate corrosion at a faster 
rate (François et al., 2012; Lorentz & French, 1995; Ramm & Biscoping, 1998), where, 
initiation of corrosion is considered to be influenced by both crack widths and presence of 
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cracks (Jaccoud et al., 1993; Jaffer & Hansson, 2008; Otsuki et al., 2000; Poston et al., 
1987). Larger crack widths are expected to induce corrosion at a higher rate than somewhat 
small crack widths (Makita et al., 1980; Raharinaivo et al., 1986; Suzuki et al., 1989). On 
other hand, it is believed that more than crack widths, corrosion rate depends on the location 
of the bridge and its surrounding environment, such as, concrete resistance, chloride ion 
content and moisture (Mohammed et al., 2001). Corrosion rate also depends on the thickness 
of concrete cover.   
After reinforcement corrosion sets in place, it reduces the cross sectional area of steel 
consequently affecting the structural integrity (Malumbela et al., 2010). But, as steel 
corrosion increases, the corrosion component is expected to be two to six times the volume 
of the original steel (Suda et al., 1993; Zhao et al., 2011). Increase in the volume of 
corrosion product produces an expansive pressure on the surrounding concrete which results 
in further concrete cover cracking (Zhao et al., 2012) and accelerating the already induced 
surface cracking (Malumbela et al., 2011). This mechanism then reduces the bond strength 
between steel and surrounding concrete. Corrosion induced cracking has been considered as 
one of the major causes of deterioration for reinforced concrete structures (Zhao et al., 
2012). As corrosion and crack width increases, service life and load-bearing capacity of a 
reinforced concrete element reduces (Vidal et al., 2007). 
Hence, it is essential to examine the corrosion induced cracking process for identifying the 
durability of the reinforced concrete bridge girder. However, a large amount of research and 
laboratory work has already been performed on corrosion-induced concrete cracking 
process. For example, Vidal et al. (2007) has studied the long term corrosion process of 
reinforced concrete beams, which were stored in a chloride environment for 17 years under 
service loads in order to simulate the real structural conditions. Similarly, R. Zhang et al. 
(2010) also conducted experimental work to investigate the corrosion pattern based on two 
60 
 
beams corroded for 14 years and 23 years under chloride environment. Later, results of the 
study were compared with existing models. One of the models they used was Vidal et al.’s 
model (Rodriguez et al., 1996). This model predicts the cross-section loss of steel from 
corrosion crack width following two steps of the cracking process: cracking initiation and 
cracking propagation (R. Zhang et al., 2010). Before cracking initiates corrosion products 
fill in the local pores and settle at the steel-concrete interface. Then steel cross-section loss 
ΔAs0 can be calculated using Equation 3.2: 
              
 
  
           
 
  
      
 
                                    (3.2) 
Where, ΔAs0 is the steel cross-section loss for cracking initiation (mm
2
), As is the sound steel 
cross-section (mm
2
), Ø0 is the initial reinforcement diameter (mm), c is the concrete cover 
(mm) and α is the pit penetration parameter. Value of penetration parameter depends on the 
type of corrosion, for homogeneous corrosion its 2 and for localised corrosion it’s in the 
given range 4 < α < 6 (Vidal et al., 2004).  
Afterwards model describes the empirical relation between crack width and steel cross-
section loss. In crack propagation stage, crack width is directly related to volume of oxides, 
which is proportional to the steel cross-section loss. The empirical linear expression 
calculating crack propagation is given in Equation 3.3.  
                                                          (3.3) 
Where, w is crack width (mm), ΔAs is the local steel cross-section loss (mm
2
), K = 0.0575, 
and from the regression analysis, the r
2
 value for this expression is 0.82. Several such models 
have been proposed to compute the corrosion process and corrosion induced crack widths.    
Most of the corrosion begins due to surface cracking; hence, before identifying the corrosion 
induced cracking process, it is essential to locate the surface crack widths before they reach 
to a greater value and set the corrosion in motion. Unfortunately, these cracks seem to be 
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undetected and remain undocumented during visual inspections and lead corrosion setting. 
Structural surface cracking is key information which should be documented during visual 
inspections (Suo & Stewart, 2009). Furthermore, this information is used primarily for 
bridge management systems by several road authorities (Gattulli & Chiaramonte, 2005). 
Hence, the following section describes proposed quantitative approach to theoretically 
establish crack widths for reinforced concrete bridge girders with change in loading with 
time.      
 
3.3 Methods to Estimate Crack Widths 
During the design stage of a bridge girder, structural design engineers are accustomed to 
consult design code provisions and tools to estimate crack widths to make provisions for 
crack control or crack distribution steel to ensure that crack widths remain within allowable 
limits. However there is little evidence of using the same knowledge to quantify the cracking 
in condition monitoring. As mentioned before one of the main tenets of this research is to 
hypothesize the use of the numerical modelling. To achieve this objective, code provisions 
must be introduced and adopted in condition monitoring regime as well. It is argued here 
that such an approach can support critical decision making and prioritising future 
maintenance programs and capital forecasting. 
To compute the crack widths several theoretical and deterministic quantitative models have 
been proposed. These models are developed considering many variables and distinct 
approaches (Borosnyói & Balázs, 2005). As, crack width and crack spacing is a complex 
phenomenon, each approach considers selected variables. Such approaches can be classified 
into four categories, as given below. These approaches are also briefly reviewed in the 
following discussions.  
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1. Analytical Method  
2. No-Slip Theory 
3. Statistical or Empirical Approach 
4. Numerical Methods  
 
3.3.1 Analytical Approach  
In analytical approach, crack width is calculated by solving differential equation of bond-slip 
behaviour (Borosnyói & Balázs, 2005). This approach is also perceived as classic theory. 
Bond slip theory was proposed by Saliger (1936) based on the experimental outcomes. Most 
of the bond-slip relationships are established based on the outcomes of pull-out tests (Hong 
et al., 2013), showcasing the actual relation between steel and concrete (Hong et al., 2008). 
In a RC member, bond is described as transfer of load between steel and concrete, where slip 
takes place between concrete and steel at the cracks. A number of relationships have been 
proposed using this approach and few have been adopted by the owners and authorities 
(Balazs, 1993; Eligehausen et al., 1982; Hong et al., 2013; Hong & Park, 2012; Oh & Kim, 
2007b; S. Park et al., 2001).  
To calculate crack width, difference between steel strain and concrete strain is calculated, 
along with crack spacing. Bond stress is one of the major influential factors which determine 
the tensile stress in the steel and concrete between the cracks. Therefore, crack width 
prediction can be considered as a function of bond stress (Hong et al., 2008). Analytical 
approach was less adopted, because pull out tests had limitation in simulating the actual 
tensile stress conditions. One of the expressions proposed based on the differential equation 
of bond slip is shown in Equation 3.4 (Yang & Chen, 1988).   
63 
 
     
   
  
                  
  
   
    
  
                                 (3.4) 
 
3.3.2 No-Slip Theory 
No-Slip theory was originally proposed by Base (1966) of British Cement and Concrete 
Association in 1966. According to their approach, range of crack widths allowed in 
reinforced concrete has no slip between steel and concrete. This theory is also known as semi 
analytical approach. Semi analytical approach has been used to understand the flexural 
behaviour of concrete beams (J. Zhang et al., 2006) and to verify the numerical and 
empirical implantations of the developed models. As per no slip theory, crack width relies 
completely on the deformation of the adjacent concrete. Hence, theory of elasticity can be 
used to examine the distribution pattern of stress and strain values, for concrete in between 
the cracks (R. Park, 1975). Where, stresses suggest likelihood of further cracking and strains 
indicate the likelihood width of the cracking. Base et al. performed several tests at Cement 
and Concrete Association and proposed following formula to calculate maximum crack 
width on the surface of concrete (R. Park, 1975).   
             
  
  
 
  
  
                              (3.5) 
Where, c = distance from the point at which the crack width is to be determined to the 
surface of the nearest reinforcement bar, fs = stress in the steel, Es = modulus of elasticity of 
steel, h2 = distance from the point where the crack width is to be determined to the neutral 
axis, and h1 = distance from the centroid of the tension steel to the neutral axis.  
Above mentioned notations are shown in Figure 3.7. 
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Figure 3.7 Notation used by Base et al. for crack width calculations  
 
3.3.3 Statistical or Empirical Approach 
This approach is an integrated approach, which enables the researchers to understand the 
consequences of various variables on crack widths. Empirical approach has gained a lot of 
popularity and is adapted globally by design codes to control cracking. Empirical 
relationships are established based on fitting of considerable amount of experimental data 
sets. Such relations may or may not include explicit expression of crack spacing and average 
strain in reinforcement (Borosnyói & Balázs, 2005). Experimental set up is established based 
on several combinations of variables. It is done to understand the effect of variables on 
predicting crack widths and to develop an accurate empirical relationship. Later, statistical 
analysis is used to validate the experimental results and identify the significance of variables 
and their possible combinations. Statistical analysis also provides a justification and 
interpretation to the experimental data set. Hence a combination of experimental outcomes 
and statistical analysis is of great importance.  
It is believed that initial experimental work was performed around 1970s, in order to develop 
the empirical relationship (Xiang et al., 2012). Several researchers undertook this task 
around the globe to develop most suitable and precise crack width formula. Such as, Nawy 
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(1968) performed experimental tests in 1968 and presented maximum crack width data. 
Similarly, Gilbert (2008) also carried out an extensive laboratory work and proposed a 
model to forecast the maximum final crack width, as shown in Equation 3.6. Whereas, 
Gergely and Lutz suggested their equation to calculate crack width based on the statistical 
evaluation of the experimental dataset (Gergely & Lutz, 1968). The evaluation was 
performed using test results from previous investigations, such as, Hognestad (1962), P. H. 
Kaar and Mattock (1963), Paul. H Kaar and Hognestad (1965) & Clark (1956). Proposed 
model is shown in Equation 3.7. Likewise, Oh and Kang (1987) has also performed 
experimental tests and recommended a formula to predict the maximum crack width in 
reinforced concrete flexural members.  
            
        
 
  
  
 
   
  
   
 
  
                                                 (3.6) 
Where, kcover is a term to account for the dependence of crack width on the clear concrete 
cover c, s* is the maximum crack spacing after all time dependent cracking has taken place, 
T/Ast is the tensile steel stress, τb is the bond shear stress between steel and surrounding 
tensile concrete, ne = Es/Ee = the effective modular ratio; Ee is the effective modulus given 
by Ee = Ec / (1+φ(t, τ)); Ec and Es are the elastic moduli of concrete and steel respectively 
and  φ(t, τ) is the creep coefficient of concrete, db is reinforcement bar diameter, ρtc is the 
reinforcement ratio of tension chord and εsh is the shrinkage strain in the tensile concrete 
(considered as a negative value).  
          
    
    
         
                                                              (3.7) 
Where, c is the concrete cover measured from the extreme tensile face of the concrete to the 
centre of the longitudinal bar, A is the area of concrete surrounding reinforcing steel divided 
by the number of longitudinal bars (mm
2
), σst1 is tensile steel stress at the crack (MPa), D is 
66 
 
the overall depth of the cross section (mm), d is the effective depth (mm) and kd is the depth 
from the compressive edge to the neutral axis.   
Most of the above mentioned experiments and others (not mentioned above) have been 
designed considering a spectrum of structural and material properties, such as member 
depth, width and length, compressive strength of concrete, tensile strength of steel, 
reinforcement bar diameter, reinforcement ratio, tensile area of concrete, cross sectional area 
of steel, concrete cover, spacing of steel bars and steel stress. These variables are then used 
independently and in different combinations to acquire desirable and most accurate test 
outcomes. It is also done to establish the most critical and influential variable or combination 
of variables.  
For example, Gilbert (2008) tested 12 simply–supported beams and one-way slabs in total. 
They were kept under constant sustained service loads for the total duration of 400 days. To 
establish a yet accurate formula Gilbert varied few main parameters in the tests, such as, 
number of reinforcing bars, spacing between bars, concrete cover c, shape of the section b/d 
and sustained load level. Also, all the tested specimens were casted from same batch of 
concrete. Similarly, Oh and Kang (1987) also designed and tested five reinforced concrete 
beams to identify the crack widths and crack spacing. Main influencing parameters were 
selected to design the test beams. Those included design variables were, concrete cover, 
diameters of reinforcing steel bars, reinforcement ratios, spacing of steel bars and steel 
stress. It can be seen that both researchers have considered similar influencing parameters 
and tested only simply supported reinforced concrete beams or slabs. Afterwards, the effect 
of individual variable was investigated by several researchers. For example, Makhlouf and 
Malhas (1996) studied the effect of thickness of concrete cover, on maximum flexural crack 
width under serviceability loads. They designed two different set of test specimens. In Group 
A sixteen beam specimens were designed and eight in Group B. Range of reinforcement 
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ratios and concrete covers were considered in Group A specimens to investigate the effect of 
increased cover on crack widths. Where, out of sixteen specimens, eight specimens were 
designed using cover of 30mm and remaining eight had 60 mm. Similarly, Group B 
specimens were designed considering varying reinforcement ratios with 50 mm thick 
concrete cover. This group was planned to investigate the magnitude of surface crack widths 
under service loads.  As a conclusion, their study indicated an increase in crack widths with 
increase in concrete cover to the main reinforcement.  
Apart from the researchers a lot of building codes have also suggested the crack width 
formulas for reinforced concrete flexural members. For example, Eurocode 2 (2004) 
provides the following equation to calculate crack width for flexural members 
                                                             (3.8) 
Where, sr,max is the maximum crack spacing, εsm-εcm is the mean tensile strain, εsm is the mean 
strain in the reinforcement under the relevant combination of loads, including the effect of 
tension stiffening and impact of imposed deformation and εcm is the mean strain in between 
the cracks. Further discussion on Eurocode 2 model is done Section 3.4.3. Similar to 
Eurocode 2, ACI 318 has also used certain formulas to control flexural cracking in beams 
and one way slabs. Their model is based on Gergely and Lutz statistical evaluation.  
                   
                                                       (3.9) 
Where, co is concrete coat thickness (mm), r is the ratio of the distance from concrete surface 
to neutral axis and from reinforcement centre to neutral axis, σst is reinforcement bar stress 
(MPa) and A is the effective area of reinforced concrete surrounding a steel bar (mm
2
).  
Another popular model is presented by British Standards BS 8110-1997. As per BS8110 
(1997) flexural crack width at a specific point on the surface of a member depends on three 
factors: 
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1. The proximity to the point considered of steel bars perpendicular to the cracks; 
concrete cover.   
2. Nearness of Neutral Axis to the point considered.  
3. The average surface strain at the point considered.  
 
BS 8110 model is based on the Beeby empirical equations and is used to calculate design 
surface crack width.  
Above mentioned brief reviews illustrate that plenty of theories exist to predict crack widths, 
which are based on several variables and their possible combinations. Most of these models 
are used to control flexural cracking and as a design check. In limit state design estimating 
cracking is one of requirement which a design has to meet to safeguard the serviceability of 
the structure (P Desayi & Ganesan, 1985). Few codes have prescribed crack width limits 
which is not to be exceeded at design stage when investigating the projected crack width at 
given scenario. However, none of these empirically driven formulae are implemented to 
understand the structural performance and durability of in-service aging structures. Most of 
them have been established based on the laboratory work and have not been tested on real 
case studies. This research proposes a methodology to accustom these models in assessing 
the structural performance and durability of aging bridge girders.     
  
3.3.4 Numerical Approach 
Numerical methods are established for direct or indirect consideration of cracks (Borosnyói 
& Balázs, 2005). It includes, fracture mechanics models, Finite Element Models (FEM), 
damage models, smeared crack models and so on. In numerical prediction early phase of 
cracking is considered as micro-cracking and described by a smeared crack approach, with 
rotating crack directions (Feenstra & De Borst, 1995; Oliver, 1989; Pietruszczak & Mroz, 
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1981). On the other hand, further crack formation is characterized as macro-cracks and 
described by implanting a discontinuity in the displacement field of the respective finite 
elements (Theiner & Hofstetter, 2009). Concrete is quasi-brittle material and fracture of 
concrete involves a process zone, where normal and shear tractions are shared among crack 
surfaces, because of surface friction and aggregate interlocking (Ooi et al., 2012). In FEM 
analysis, process zone is demonstrated using zero thickness interface elements. Various 
modelling strategies have been suggested in literature, for example, pre-defining interface 
elements together with known crack paths (Qiao & Chen, 2008; Sato et al., 2004) and 
automatically introducing the interface elements together with crack surfaces as crack grows 
(Ciancio et al., 2007; Khoei et al., 2011; Prasad & Krishnamoorthy, 2002; M. Xie et al., 
1995). Most of the numerical and finite modelling involves sophisticated meshing 
algorithms to project precise crack growth and pattern. To achieve right and correct crack 
propagation pattern, embedded crack models have been proposed (Oliver, 1996), along with 
extended FEM (XFEM) techniques (Dolbow & Belytschko, 1999).    
To completely utilise the numerical approach several high technology programs are used 
extensively, such as, ABAQUS (2016), STRAND (2016), ANSYS (2016) and others. These 
programs provide the facility to model the bridge girders along with certain deformations to 
understand the future behaviour based on given assumptions and values. Numerical 
modelling is also used to validate the experimental results and establish a relation between 
numerical prediction and test outcomes. On the other hand, when a real bridge girder is 
modelled to understand the crack propagation mechanism under given loading and 
surrounding conditions, it is not of great challenge to modify the inputs and get desired 
outcomes.  
However, numerical modelling still hasn’t gained much popularity within councils and 
regional road authorities. However, some major road authorities apply FEM theory to assess 
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the existing girders. It is limited to main authorities because successful functioning of the 
program usually requires good knowledge of the modelling and enough expertise. 
Occasionally it provides unsatisfactory outcomes due to its sensitive nature towards the input 
data, specifications and prototype behaviour.  
 
3.4 Proposed Methodology to Forecast Crack Widths 
Various approaches have been discussed in preceding section to forecast cracks widths, 
along with the influencing parameters. It also included theory of crack propagation, possible 
causes of cracking and analysis of some real case studies, such as, aging bridge girders. Now 
the following section provides an insight on how the already in place knowledge related to 
crack widths can be used to identify the cracks of an in-service bridge girder. To present the 
proposed methodology five crack width models are selected and discussed in detail. 
Outcomes of the proposed methodology will supplant the visual condition monitoring 
outcomes and assist regional asset owners in enhanced and proactive decision making. 
Discussion of proposed application of the chosen models is limited to reinforced concrete 
bridge girders.  
 
3.4.1 Selected Models 
It has already been established that majority of proposed crack width expressions are 
predominantly used for design purposes as a serviceability check. Besides, they are also used 
for the validation of future experimental work and to model computer simulations. They 
have not been adopted widely to assess the present condition of the bridge girders, like 
regular visual inspections. However, a few of them are used when a detailed inspection or 
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analysis of a bridge girder is requested. Such requests are made when a bridge girder clearly 
indicates degradation signs and is in need of urgent intervention to avoid any unforeseen 
catastrophic failure. Therefore to avoid any such incident it is essential to establish the crack 
widths at early age using the proposed quantitative approach.  
Selected models have been proposed under different theories. A summary of related theories 
has already been provided in preceding section. Each model considers various parameters to 
calculate crack width, but have one common parameter, i.e. tensile steel stress. 
Consequently, it makes the discussion of results relatively simple by having a common 
influential variable. Selected models are used here to forecast crack widths for aging in-
service bridge girders. A brief summary of the case studies has already been provided in 
Section 3.2.5. Detailed explanation and structural properties of the case studies are given in 
the respective sections. Out of five selected models, one model, i.e. Eurocode 2, is selected 
from the design codes and rest are proposed by researchers. However, expression of one of 
the researchers, i.e. Gergely & Lutz is applied by American Concrete Institute as well. In 
addition, all chosen models are empirical driven, hence, established based on the 
experimental and statistical work. Selected models are listed below:  
 Model 1 - R. I. Gilbert   
 Model 2 - R. Frosch 
 Model 3 - Euro Code 2  
 Model 4 - S. H. Chowdhury 
 Model 5 - Gergely & Lutz 
These models are selected to predict crack widths based on certain assumptions and given 
conditions. Model 1 and 4 have been chosen as they reflect Australian Conditions. Their 
experimental work took place in Australia. Model 2 is a theoretically driven equation, which 
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can be used irrespective the actual cover. Model 3 is a popular design code expression which 
is used by several researchers to validate the experimental outcomes. Hence it will provide a 
great insight in forecasting the existing crack widths. Model 5 is another well explained and 
established expression which has been adapted and used globally for validation and analysis 
purposes. Selected models have been discussed in detail in subsequent sections.    
  
3.4.2 Model 1 – R. I. Gilbert  
Gilbert (2008) proposed a revised version of maximum crack width model for reinforced 
concrete flexural members based on the Tension Chord Model of Marti et al. To develop the 
model, Gilbert performed an extensive experimental work, which included 12 specimens (6 
singly-reinforced beams and 6 singly-reinforced slabs). All the beams tested in laboratory 
were simply supported reinforced concrete beams. Pre-tensioned and post-tensioned beams 
were not taken into account. These specimens were subjected to constant sustained service 
loads for a period of 400 days over 3.5 m spans. Each specimen was casted with a 
rectangular cross section. During the test, Gilbert recorded time-dependent deformation, 
along with the gradual development of cracking and gradual increase in crack widths with 
time. Elastic modulus, creep coefficient and shrinkage strain of concrete were also recorded. 
Experiments were designed with certain objectives (R I Gilbert & Nejadi, 2004): 
 To enhance the understanding of flexural cracking mechanism and influence of 
parameters on crack spacing and widths for flexural members.   
 To develop design-oriented method for the control of flexural cracking and 
calculation of crack widths.    
 To precisely measure the creep and shrinkage characteristics (material properties) 
of the specimens used.   
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Specimens were designed using certain parameters. Later parameters were varied within a 
defined range to develop a spectrum of outcomes and to completely understand the cracking 
phenomenon. Tensile steel area, reinforcement bar diameter, bar spacing, tensile steel stress 
and concrete cover are the parameters which were varied. Influence of these parameters on 
crack width, crack spacing and material properties were then presented in Gilbert’s 
discussion. Change in material properties, such as creep and shrinkage of the concrete were 
recorded at regular interval of times. Companion cylinders were casted and tested using 
standard procedures and values were measured at certain ages.  
Crack width and crack spacings were recorded immediately after the initial load was applied 
and at 400 days. Values of maximum, average and minimum crack widths were measured 
near the bottom fibre of each specimen and middle third of beams, along with the crack 
pattern. As per Gilbert’s discussion, a regular pattern of primary cracks was noticed at initial 
loading, with a gradual increase in crack width with time. In addition, few new cracks also 
developed among original cracks, known as secondary cracks. Afterwards, effect of various 
concrete covers used in specimens on crack widths was studied. A comparison of specimens 
showed larger crack widths for large concrete cover. Similar comparative study was done for 
another parameter, i.e. change in tensile steel stress with time. Fully cracked cross section 
was considered at the point of maximum bending for all six specimens. Results indicated 
that as load increases, tensile steel stress increases, subsequently both instantaneous and final 
crack width increases uniformly. In general, it can be summarised that crack width is a 
function of steel strain and subsequently steel stress (Harries et al., 2011; Edward. G Nawy, 
1968). 
The proposed method of Gilbert incorporates the calculation of final maximum crack width, 
crack spacing and increase in crack width with time due to shrinkage. Proposed model is 
different from other existing code approaches. Other approaches have a limitation of not 
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accounting the effect of shrinkage on increase in crack width with time. Hence, Gilbert’s 
model can be used as a new approach by designers and codes to limit the flexural cracking 
and maintain the serviceability conditions of reinforced concrete beams. To describe the 
proposed crack width formula and its notations, a reinforced concrete beam is considered as 
an example. Majority of discussion is taken from the Gilbert’s book.   
 
Figure 3.8 Cracked reinforced concrete beam stress, strains and forces  (R. I. 
Gilbert & Ranzi, 2011) 
 
 
Figure 3.9 Cracked reinforced concrete beam and tension chord model   (R. I. 
Gilbert & Ranzi, 2011) 
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Figure 3.8 and 3.9 show a singly reinforced concrete beam with primary cracks and cross 
section area of uncracked and cracked region. Beam is considered to be subjected under in-
service load, which generates bending moment, Ms larger than cracking moment, Mcr. 
Consequently primary cracking takes place with spacing, s. In cracked section top chord of 
the cross section is considered as compression chord, with width b and depth kd. Bottom 
region of cracked concrete is idealised as tension chord, which consists tensile reinforcement 
of area Ast and surrounded by an area of tensile concrete, Act. Both of these chords are shown 
in Figure 3.8d. Area of tensile concrete away from the crack also carries a uniform tensile 
stress which is generated because of bond stress (τb), between tensile steel and surrounding 
concrete. Act can be calculated using the following expression; 
                    
                                                            (3.10) 
Where, b
*
 is the width of the cross section at the level of centroid of tensile steel, i.e. at the 
depth d, not be greater than the number of bars in the tensile zone multiplied by 12db.   
After concrete cracks in the tensile zone, it is assumed not to carry any tension at crack and 
the tensile steel stress may be considered as:  
           
 
   
                                                 (3.11) 
where;  
                               
         
   
                                          (3.12) 
where, n is the modular ration of Es / Ec, Es is elastic modulus of steel and Ec is the elastic 
modulus of concrete and Icr is the second moment of area for fully-cracked section. It is 
calculated using standard modular ratio theory and using below mentioned expression: 
                                 
 
 
         
 
 
                                      (3.13) 
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                                                                                (3.14) 
where, ρ is the tensile reinforcement ratio, Ast / bd. k is also independent of applied load and 
moment M.  
Another main parameter used in the final maximum crack width expression is bond shear 
stress τb. For reinforced concrete members under in-service loads, where tensile steel stress is 
less than yield stress of steel, fy, bond shear stress τb is taken as 2.0fct at all values of slip, 
where fct is direct tensile strength of the concrete. Gilbert considered bond stress τb = 2.0fct for 
short term calculations and τb = 1.0fct when final long term crack width was to be calculated. 
As per Gilbert, bond stress and tensile stress in concrete between cracks decreases as stress 
in reinforcement increases. Bond stress is also affected by concrete cover, bar spacing, 
lateral pressure and size of bar deformations, tensile creep and shrinkage. For analysis of 
case studies, above mentioned bond stress values will be used for short term and long term 
computations.  
In order to calculate final maximum crack width, it is important to establish crack spacing 
expression. The maximum crack spacing immediately after first loading, s = smax, takes place 
when tensile concrete stress, σc2 is equal to direct tensile strength of concrete, fct  and may be 
presented as: 
                                 
      
      
                                      (3.15) 
where, ρtc is the reinforcement ratio of the tension chord (= Ast / Act).  
Gilbert provides an instantaneous crack width formula (wi)tc, which is the difference between 
the elongation of the tensile steel over the length s and the elongation of the concrete 
between cracks. It may be expressed as: 
                                    
 
  
 
 
   
 
   
  
                                        (3.16) 
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Instantaneous crack width formula does not include the influence of concrete cover; hence 
it’s difficult to estimate an accurate crack width at the bottom surface of the beam (wi)soffit. 
There is a different equation which is to be adopted to understand the influence of cross 
section dimensions and concrete cover:  
                                                      
       
  
 
 
   
 
   
  
                        (3.17) 
Where, kcover accounts for the dependence of crack width on clear concrete cover c (mm) and 
is given as: 
                                     
    
    
  
  
          
 
   
                      (3.18) 
Once the initial loading phase passes and structure is subject to constant sustained loading, 
new cracks develop between existing widely spaced cracks. Additional cracks occur because 
of tensile creep rupture and shrinkage. As a result, cracks increase and the spacing reduces 
with time. Besides, as per experimental work it was also found that creep and shrinkage 
result in increase in the resultant tensile force, T in the real beam and a small reduction in the 
internal lever arm. Effect produced due to creep and shrinkage is very small and ignored in 
the tension chord model proposed by Gilbert. As per Gilbert (Gilbert Book), the final crack 
width is the elongation of steel over the distance between cracks minus the extension of the 
concrete caused by tensile concrete stress along with the shortening of the concrete between 
cracks due to shrinkage. Final maximum crack width expression at member soffit is shown 
below: 
      
        
 
  
  
 
   
  
   
 
  
                                                       (3.19) 
All the notations are explained above and in section 3.3.3.  
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3.4.3 Model 2 – R. J Frosch 
ACI Building code requires that the tensile reinforcement should be detailed in a way that 
flexural cracking in reinforced concrete structures can be controlled for enhanced service 
life. Henceforth, it is done through the use of z-factor method (ACI-318, 1971). Z-factor 
approach is a revised version of Gergely-Lutz crack width equation. As per the design 
requirement, quantity z should not exceed 30 kN / mm for interior exposure or 25 kN/mm for 
exterior exposure (Warner et al., 1998). These values are equal to the limiting value of 
maximum crack width, i.e. 0.41 mm for interior and 0.33 mm for exterior. In addition, ACI 
approach is only valid for a small range of concrete covers, i.e. till 63 mm.    
During late 1990’s durability concerns of the structures came forward and use of thicker 
concrete cover was brought in design and construction of structural members (Frosch, 1999). 
This happened because research and experiments showed that the use of thicker concrete 
covers and high performance concrete result in better durability. But, the application of the 
thicker covers was not appropriate, because current crack control methods were based on 
statistical reasoning and they become impracticable with thicker covers. Therefore, Frosch 
investigated and proposed a new crack width equation along with crack control provisions. 
Proposed equation accounts for large cover provisions and provides a new formulation 
which is based on physical phenomenon. Frosch’s work emphasizes in locating crack widths 
at the bottom face of the concrete, i.e. tensile face, considering a range of concrete covers.  
In order to discuss the Frosch’s crack width equation, few notations have been changed to 
maintain the consistency of discussion throughout the thesis. A cracked physical model of 
beam is shown in Figure 3.10. 
79 
 
 
Figure 3.10 Flexural cracking phenomenon for a reinforced concrete beam and 
strain gradient (Frosch, 1999) 
 
As per Frosch, crack width at reinforcement level can be expressed as: 
                                                       (3.20) 
where, w is crack width, εs is reinforcement steel strain, i.e. σst / Es, s = crack spacing, σst is 
reinforcement steel stress and Es is elastic modulus of steel. In this model tensile strain in 
concrete is not considered as its value is comparatively smaller than the tensile strain in steel 
and does not affect the crack width value. To calculate the crack width in tension zone, it is 
important to establish the strain gradient at bottom face. To represent the strain gradient an 
amplification factor, β is calculated based on elastic cracked section theory and multiplied 
with above mentioned crack width formula.  
            
  
  
  
    
    
                                      (3.21) 
Another key parameter in Frosch’s expression is crack spacing. It reduces with increase in 
load and becomes constant after tensile stress reaches a critical value. It is also found that, 
crack spacing depends on maximum concrete cover (Broms, 1965). Crack spacing can be 
calculated using this expression: 
                
                                         (3.22) 
where,  
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s = crack spacing;  
d
*
 = controlling cover distance and must be taken as greater of         and      
  
 
 
 
. 
Notations used here are shown in Figure 3.11. 
Ψs = crack spacing factor: 1.0 for minimum crack spacing; 1.5 for average crack spacing; 
and 2.0 for maximum crack spacing.  
 
 
Figure 3.11 Controlling cover distance notations (Frosch, 1999). 
 
After summarising the above discussed theory and notations, final maximum crack width 
can be calculated as: 
                  
   
  
  
    
    
        
  
 
 
 
                                      (3.23) 
As per Frosch’s physical model, crack spacing and crack width are functions of steel stress 
and predominantly distance between reinforcing steel. Hence, cracking can be limited by 
restricting the spacing between reinforcing steel bars.  
3.4.4 Model 3 – Eurocode 2  
For flexural reinforced concrete beams, Eurocode 2 (BS-EN, 1992-2:2005) permits the 
design to be based on calculated crack widths, hence provides a set of guidelines and 
expression. According to EC2, longitudinal cracks occur under characteristic combination of 
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loads exceeding the critical stress value of concrete, consequently reducing the durability of 
structure. Therefore, a limiting crack width must be determined considering the purpose of 
structure and nature of loading applied. It is difficult to establish the exact crack width 
because cracking is random phenomenon. Therefore, maximum crack width, wmax is 
calculated as per the prescribed model given in EC2 standards. In addition, calculated values 
are also limited to the given maximum crack width values to impair the performance of 
structure.  
To calculate the maximum crack width, wmax, a difference between concrete and steel 
deformations has to be established for the largest crack spacing.  
                                                                   (3.24) 
where w is design crack width, sr,max is maximum crack spacing and (εsm – εcm) is mean value 
of strain. Maximum crack spacing is computed using the following equation: 
                              
 
    
                                      (3.25) 
where, c is the concrete clear cover,  k1 is a coefficient that takes into account the bond 
properties of the bonded reinforcement and taken as 0.8 for high bond reinforcing bars and 
1.6 for plain reinforcing bars, k2 is coefficient that takes into account the strain distribution 
and is taken as 0.5 for sections which are subjected to bending and 1.0 for sections which are 
subjected to pure axial tension, Ø is the bar diameter, mm and if various diameter bars are 
used in a section then an average diameter should be calculated, ρeff is the effective 
reinforcement ratios, i.e. 
   
     
, Aceff is the effective tension area of concrete surrounding the 
tension reinforcement and Ast is the area of reinforcement in tension zone.  
Another component of proposed model is, mean tensile strain (εsm – εcm) and can be 
calculated using the following equation: 
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                        (3.26) 
εsm is the mean strain in the reinforcement under relevant combination of loads, including the 
effect of imposed deformations and taking into account the effects of tension stiffening. εcm 
is the mean strain in concrete between cracks and only the additional tensile strain beyond 
zero strain in the concrete is considered. kt expresses the duration of loading applied and 
taken as 0.6 for short term loading and 0.4 for long term loading. σst is the stress in tensile 
reinforcement computed on the basis of cracked section analysis, n is the modular ratio, 
  
   
 
and fcteff is the mean value of tensile strength of concrete effective at the time when cracks 
may first be expected to occur.  
 
3.4.5 Model 4 – S H Chowdhury  
As per Chowdhury and Loo (2001), it is essential to forecast crack widths and restrict 
cracking for improved serviceability conditions of reinforced concrete beams. According to 
Chowdhury, a standard formula to predict crack width and crack spacing is yet to be 
proposed, which can be used under all loading conditions, such as, immediate and long term 
loading. Present design code and research formulas only provide a big amount of 
approximate and scattered values and there are limited formulas which can be used for both 
reinforced and prestressed concrete beams. Hence, a simple and yet accurate formula is 
proposed to calculate crack widths. This formula is driven based on statistical analysis, for 
both reinforced and partially prestressed concrete flexural members. An experimental 
program was established to comprehensively study the cracking behaviour of 11 reinforced 
and 12 partially prestressed simply-supported box beams. In addition to these specimens, 4 
solid reinforced simply-supported beams and 3 two-equal-span continuous reinforced box 
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beams were also studied. Test program was set up with an objective of studying the cracking 
characteristics of beams under static loading. Four governing parameters were considered 
before proposing the average crack width formula, namely: 
 Average crack spacing  
 Ratio of the average bar diameter to the reinforcement ratio  
 Concrete cover   
 Average spacing between the reinforcing bars 
Afterwards, researcher used his own test results to check the performance and establish the 
accuracy of proposed crack width formula. Previously published experimental data from 
other researchers was also used to check the performance of the model, such as, 26 
reinforced concrete beams by (Clark, 1956), 16 reinforced concrete beams by (Chi & 
Kirstein, 1958) and 34 prestressed concrete beams by (E. Nawy, 1984).   
Proposed model is an average crack width formula, based on the elongation of reinforcing 
steel and concrete at tensile level. Hence crack width can be established as the difference 
between elongations of reinforcing steel and concrete. Model can be expressed as: 
                                                (3.27) 
Where, wavg is average crack width, savg is average crack spacing, εs is average tensile strain 
in tensile reinforcement and εc is the average tensile strain in concrete at the same level as 
the reinforcement. Effects of shrinkage and creep are very less, hence, not taken into account 
in the proposed model. In addition, concrete strain in flexure is also very minimal therefore 
later ignored in Equation 3.28. In this equation, steel strain is shown as the ratio of average 
steel stress and elastic modulus of steel.  
               
   
  
                             (3.28) 
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Later, data from test program was used in the proposed regression analysis and solution of 
the regression coefficients resulted in the following equation to calculate average crack 
spacings: 
                               
 
 
                     (3.29) 
Where, c is the concrete cover, sr is the average spacing between reinforcing bars, Ø is bar 
diameter and ρ is reinforcement ratio. Now, the average crack spacing is substituted in 
Equation 3.28 to get final average crack spacing formula.  
               
   
  
                  
 
 
                    (3.30) 
Proposed model also suggests calculating the reinforcement steel stress as, the moment 
divided by the product of steel area and internal moment arm. Instead, steel stress can be 
considered as 60 percent of the yield strength of steel.  
In order to calculate maximum crack width, Chowdhury recommends multiplying the 
average crack width expression with a factor of 1.5, as given below: 
                                            (3.31) 
 
3.4.6 Model 5 – Gergely & Lutz 
An illustration of Gergely and Lutz proposed model has been provided in Section 3.3, along 
with the basic parameters used in the model. To recapitulate the discussion, proposed 
equation is shown below:  
             
    
    
          
                                                     (3.32) 
Where, c is the concrete cover measured from the extreme tensile face of the concrete to the 
centre of the longitudinal bar, A is the area of concrete surrounding reinforcing steel and can 
85 
 
be calculated as the total effective area of the concrete in the tensile zone of cross section 
having the same centroid as the tensile reinforcement and divided by the number of 
longitudinal bars, σst1 is tensile steel stress at the crack, D is the overall depth of the cross 
section, d is the effective depth and kd is the depth from the compressive edge to the neutral 
axis. 
 
3.5 Crack Control Provisions by Standards & Design Codes 
Before discussing the application of chosen models on an aging reinforced concrete bridge 
girder, it is essential to establish the crack control provisions laid in several design codes. A 
lot of emphasis is paid to meet the design criteria of a reinforced concrete bridge girder, 
where, crack control check is one of the requirements. It was introduced to limit the cracking 
and restrict the increase in crack width on girders by satisfying certain provisions, such as, 
providing sufficient tensile reinforcement. These provisions vary with different codes and 
standards. This section discusses in detail the provisions of four different codes namely, 
Australian Bridge Standards, AS5100.5-2004, USA Bridge Standards, AASHTO-LRFD, 
European Codes, i.e Eurocode 2 and British Standards, BS 5400-4:1990.      
 
3.5.1 Australian Standard: AS5100.5 – 2004  
As per AS5100.5 Australian Standard (2004), cracking in reinforced beams subjected to 
tension or flexure shall be deemed to be controlled if the appropriate requirements 
mentioned below are satisfied. It is also considered that, the resultant force action is 
considered to be primarily flexure when the tensile stress distribution within the section prior 
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to cracking is triangular with some part of the section in compression. The resultant action is 
referred as flexure. Requirements are as follow: 
1. The minimum area of reinforcement in a tensile zone of a beam shall comply with 
Clause 8.1.4.1 of Australian Standards, i.e.  
                
   
  
                                                  (3.33) 
Where,  
ks = a coefficient that takes into account the shape of the stress distribution with the 
section immediately prior to cracking and is equal to 0.6 for flexure.  
Act = area of concrete in the tensile zone, being that part of the section in tension 
assuming the section is uncracked.  
fs = maximum tensile stress permitted in the reinforcement immediately after the 
formation of a crack, which shall be the lesser of the yield strength of the 
reinforcement.  
2. The distance from the side or soffit of a beam to the centre of the nearest longitudinal 
bar shall be not greater than 100 mm. The centre to centre spacing of bars near a 
tension face of the beam shall be not greater than 300 mm.  
3. Load effect shall be considered. One is serviceability limit state load combinations 
and permanent effect at serviceability limit state for bridge designed under B2, C and 
U exposure classifications.  
4. For beams subjected to flexure, the steel stress calculated assuming the section is 
cracked shall not exceed the maximum steel stress for the largest nominal bar 
diameter (db) in the tensile zone.   
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3.5.2 United States of America: AASHTO LRFD BRIDGE  
To control cracking certain provisions are listed in AASHTO LRFD Bridge Manual. 
According to the manual, all reinforced concrete members crack under several load 
combinations and are also influenced by thermal time dependent effects, such as shrinkage. 
To control cracking, manual emphasises on the distribution of the tensile reinforcement and 
considers it as a key provision. Effective placement of bars at appropriate spacing is more 
valuable in controlling the cracking, rather than placing the bars of larger equivalent area. As 
per the specifications, each flexural member should meet the basic requirements of placing 
the bars and steel reinforcement closest to the tension face. In addition, spacing of bars 
should satisfy the following equation: 
   
      
     
                                                    (3.34) 
     
 
        
                                                  (3.35) 
Where: 
γe = exposure factor, 1.00 for Class 1 exposure condition and 0.75 for Class 2 exposure 
condition.  
c = thickness of concrete cover measured from extreme tension fibre to centre of the flexural 
reinforcement located closest to the face.  
σst = tensile stress in steel reinforcement at the service limit state.  
D = overall depth of the member  
Moreover, AASHTO design specification also considers that, crack width is directly 
proportional to steel stress at serviceability limit state. Consequently, thickness of concrete 
cover and spacing of bars were found to be reflecting the steel detailing. Also, Equation 3.34 
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is not established using statistical model, however it is introduced based on Frosch’s 
physical crack model, focussing on reinforcement details.  
 
3.5.3 Eurocode 2  
As per Eurocode 2, crack widths are deemed to be calculated at design stage using 
prescribed model given in standards. Crack widths are established considering the nature of 
structure and surrounding environment. Later, design crack widths for a structural 
component should not exceed the prescribed values, as given in Table 3.1. These values are 
provided to restrict the crack growth and limit cracking.   
Table 3.1 Recommended values of wmax by Eurocode 2 (BS-EN, 1992-2:2005) 
Exposure Class 
Reinforced members and prestressed 
members without bonded tendons 
Prestressed members 
with bonded tendons 
 Quasi-permanent load combination Frequent load combination 
X0, XC1  0.3
a
  0.2 
XC2, XC3, XC4 
0.3 
0.2
b
 
XD1, XD2, 
XD3, XS1, XS2, 
XS3 
Decompression 
a
   For X0, XC1 exposure classes, crack width has no influence on durability and this 
limit is set to guarantee acceptable appearance. In the absence of appearance conditions 
this limit may be relaxed 
b
   For these exposure classes, in addition, decompression should also be checked under 
quasi-permanent combination of loads.  
All recommended values are in mm.  
 
Standards also suggest calculating the minimum reinforcement areas, if needed. For certain 
sections, such as T-beams and box girders, minimum reinforcement should be established 
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for each part of the section, for example, flanges and webs. Minimum area reinforcement can 
be established using the below mentioned expression: 
                                                              (3.36) 
Where: 
As,min = minimum area of reinforcing steel within the tensile zone.  
σs = absolute value of maximum stress permitted in the reinforcement immediately after 
formation of the crack. This may be taken as the yield strength of the reinforcement.   
fct,eff = mean value of the tensile strength of concrete at the time when cracks may first be 
expected to occur. 
k = coefficient which allows for the effect of non-uniform self-equilibrating stresses, which 
lead to a reduction in restraint forces. It is considered 1.0 for webs with h ≤ 300 mm or 
flanges with widths less than 300 mm and 0.6 for webs with h ≥ 800 mm or flanges with 
widths greater than 800 mm.  
kc = coefficient which takes into account the stress distribution within the section 
immediately prior to cracking and of the change of the lever arm. It is taken as 1.0 for pure 
tension.  
Act = area of concrete within the tensile zone, part of the section which is calculated to be in 
the tension just before the first crack forms.  
 
3.5.4 British Standards, BS 5400-4:1990  
According to British Standards, a structure should be designed in a way that it does not 
suffer local damage, such as, shortened life and high maintenance costs. Particularly, 
cracking must not affect the durability of the structure. In order to maintain the durability, 
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design crack widths are calculated as per the standards considering that calculated crack 
widths do not exceed the prescribed limits, as given in Table 3.2, for specific structure under 
given exposure conditions. In addition to crack widths, stresses in steel and concrete should 
be calculated using linear elastic analysis for given load combinations to prevent any 
unacceptable deformations. Relevant load combinations are mentioned in standards to 
compute appropriate stresses. 
Table 3.2 Design crack widths, as per British Standards 
Environment Examples 
Design Crack 
Width (mm) 
Extreme 
Concrete surfaces exposed to: 
abrasive action by sea water  
Or  
Water with a pH ≤ 4.5 
Marine Structures  
Parts of the structure in contact 
with moorland water  
0.10 
Very Severe 
Concrete surfaces directly affected 
by: de-icing salts 
Or  
Sea water spray 
Walls and structure supports 
adjacent to the carriageway  
Parapet edge beams 
Concrete adjacent to the sea  
0.15 
Severe 
Concrete surfaces exposed to:  
Driving rain 
Or  
Alternate wetting and drying 
Wall and structure supports 
remote from the carriageway  
Bridge deck soffits  
Buried parts of the structures 
0.25 
Moderate 
Concrete surfaces above ground 
level and fully sheltered against 
rain, de-icing salts and sea water 
spray  
Surface protected by bride deck 
water-proofing or by permanent 
formwork.  
Interior surface of pedestrian 
subways, voided superstructures 
0.25 
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Concrete surfaces permanently 
saturated by water with a pH ≥ 4.5 
Concrete permanently under 
water 
 
Apart from establishing crack widths so that it does not exceed the prescribed value, it is also 
significant to limit the maximum spacing between reinforcement bars in tension to 300 mm.  
Spacing should be chosen in a way that calculated crack widths do not exceed the prescribed 
values. For design crack width formula please refer Section 5 of standards.    
An overall perspective of reinforced concrete cracking has been discussed with reference to 
flexural members, such as, bridge girders. This was presented in different angles. The one is 
empirical crack prediction models which are widely used in design phase of structural 
members. The purpose of the examination of these models is to see whether the same 
approach can be adopted to supplement condition monitoring data recorded through visual 
inspections on bridge girders. These models can be broadly categorised into two types, one 
being predicting crack widths as a function of time the other models which are based on the 
stress values within tension reinforcements. From aging girder assessment point of view both 
these models may seem relevant to predict crack widths with some level of confidence.  
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Chapter 4                                                         
Evolvement of Design Standards and Its 
Relevance to Condition Status  
4.1 Introduction  
Most of the bridge girders examined in this study represent different eras of design 
philosophies embedded in design codes and loading provisions. To validate structural 
capacity and condition of aging bridge girders in service, one has to have a thorough 
understanding of design philosophies of different eras, as well as, loading codes which are 
being revised regularly to accommodate increasing demands. The bridge girders used here to 
validate the methodology were originally designed using working stress method, also known 
as allowable stress design. On the other hand, the current design codes are based on ultimate 
limit state design philosophy, which in essence complicates any theoretical assessment of the 
aging bridge girders. This section examines and discusses the above phenomenon in order to 
understand the capacity of girders from a strength and serviceability view point.  
Chapter also discusses the major differences between two design methods and how these 
changes have an influence on any theoretical assessment of existing bridge girders. The 
subsequent section also indicates the influences of change in legal load limits (design loads) 
on the bridge girders. To illustrate the change in design codes Australian Bridge Design 
Codes are chosen as an example. This is due to the fact that, Australian bridge design codes 
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have undergone three major revisions since 1990’s incorporating two distinct design 
methods, i.e. WSM and LSD.        
  
4.2 Working Stress Method  
Working stress method is the first theoretical method which evolved since early 1900’s and 
accepted for reinforced concrete design (Varghese, 2008). It was first codified in 1931, in the 
first standard specifications for highway bridges by American Association of State Highway 
and Transportation Officials (AASHTO) (Xanthakos, 1994). Main objective behind the 
introduction of WSM was to provide specific and scientific guidelines to engineers for safe 
bridge design. Up until the introduction of unified approach, bridges were designed based on 
good judgement of individual civil engineer, experiences and trial and error techniques. 
Since the introduction of WSM, bridges were designed using this approach based on the 
following provisions (O'Connor & Shaw, 2002): 
1. Upper bound value of normal working loads  
2. Elastic method of structural analysis  
3. Adopting a factor of safety between working stress and yield strength of material. 
 
In practise, the designer ensured the internal stresses resulting from design actions stayed 
lower than the allowable stresses. In this approach, material factor of safety is expected to 
account for all possible uncertainties including possible variations in design loads, as design 
loads are not factored. Natural progression ensures periodical review of factors of safety as 
material strengths evolved over time. For example, in the 1973 edition of American Standard 
Specification of Highway Bridges, minimum yield stress of structural carbon steel was 240 
MPa, minimum tensile strength was 400 MPa and basic allowable stress was 138 MPa. A 
94 
 
factor of safety on yield was chosen as 1.8 under working stress design section. Where, 
previously a factor of safety of 2.0 was used for a long duration with allowable stress of 124 
MPa.  
Global factor of safety is evaluated by the overall capacity of a structural element divided by 
the total demand of the design loads. For example, in the case of a bridge girder, global 
factor of safety is the overall capacity, C, divided by the design action, D. This is also known 
as the ratio of resistance (Lysay, 1999).    
    
 
 
                                             (4.1) 
It is therefore important for the current bridge engineers assessing existing condition of 
bridge girders to be aware of the over-strength and residual capacities resulting from 
differences in design philosophies adopted over the recent past. The following sections 
provide the process, using an example, how to establish the relevant over-strength margins 
resulting from working stress design in comparison to ultimate limit state method.                     
                
4.2.1 Bridge Girder Design using Working Stress Method 
Working stress method used elastic theory approach, also known as straight line theory, to 
design reinforced concrete bridge girders. Elastic theory was the conventional approach, 
where straight-line distribution of stresses provided a mathematical simplification to design 
process ((R. Park, 1975)). This approach came in practise after performing several laboratory 
tests, which indicated that, choosing an adequate factor of safety against the collapse, leads 
to a satisfactory behaviour of the bridge girder at service loads. This method still remains in 
practise in some parts of the world, whereas most of the countries have adapted ultimate 
limit state methods over conventional approach.  
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To design reinforced concrete bridge girders using working stress method, designers used 
0.45f 
ꞌ
c, as allowable compressive stress in the concrete, where f 
ꞌ
c is the compressive strength 
of concrete, MPa. Allowable tensile stress in steel varied with Grade of Steel, for example, 
138 MPa for Grade 40 steel. Modular ratio, n, was taken as the ratio of Es/Ec, except in 
doubly reinforced concrete girders, where total modular ratio is multiplied by two, assuming 
steel in compression zone. The value for Es is taken as, 200,000 N/mm
2
 and Ec as, 4730*√f 
ꞌ
c 
N/mm
2 
for normal and light weight concrete. Designer also used to make certain assumptions 
before designing a reinforced concrete bridge girder. For example,  
 A section which is plane before bending remains plane after bending, that means, 
strains across the section are varying linearly. This assumption is expected to be 
true for majority of flexural members, except deep beams. In deep beams shear 
deformation becomes quite significant.  
 Flexural girders behave elastically when exposed to the moment generated from 
service loads. This means that stress varies in concrete from zero at neutral axis 
to the maximum stress at the extreme fibre.    
 Tensile strength of concrete is not taken into account and assumed that 
reinforcement takes all tension due to flexure.  
 A perfect bond exists between concrete and reinforcement bars so that no-slip 
takes place during loading. This is achieved when appropriate concrete cover and 
right length of bars are provided.  
 The modular ratio, n is taken as the nearest whole number, but not less than 6 and 
more than 15.  
Once the assumptions are established typical design equations are used to establish the 
required tensile reinforcement area under given load conditions. In working stress method, 
an appropriate design approach takes into account the complete usage of material properties, 
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such as, design for allowable stress for steel and concrete at service loads. To understand the 
design equations, consider a singly reinforced rectangular section given in Figure 3.8, where 
bending moment, M, is calculated as: 
        
 
         
  
 
                                 (4.2) 
and 
          
  
 
                                             (4.3) 
Equation 4.2 can also be expressed as: 
    
  
         
 
 
 
                                            (4.4) 
Equation 4.4 allows a designer to select the section dimensions for a provided moment value 
along with the development of allowable stresses. In order to establish the required steel 
area, Equation 4.3 can be rewritten as  
    
 
        
 
 
  
                                            (4.5) 
Majority of aging bridges in Australia were designed using these design equations and still 
remain in-service. But, there remain certain limitations with working stress method, which 
initiated engineers to look for a new approach, i.e. ultimate limit state method. Following 
section provides a list of these limitations associated with working stress method.    
 
4.2.2 Working Stress Method Limitations 
Even though this approach provided paramount safety to the bridge girders over years, 
certain difficulties were faced in continuing with the method. Ghosn and Moses (1986), has 
provided an insightful summary of these difficulties, as discussed below; 
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 Due to the growth in demand, volume and frequency of truck loadings have 
increased than originally envisaged.  
 Introduction of computer based structural analysis models provided better 
understanding of load distributions, causing reduction in safety margins.  
 In terms of infrastructure redevelopment, large scale investments confronted 
variety of decisions for aging bridges, such as, rehabilitation, repair and 
replacement. Limited resources were available so that rational oriented strategies 
for bridge evaluation could be developed on particular site basis.  
 Load models provided for working stress method were developed based on the 
field observations of old trucks, such as, H20-S16-44. Whereas, truck sizes had 
increased in last 50 years, hence load model needed modification as per the 
current truck loads.   
Besides truck loadings and rehabilitation programs, Becker (1997) discussed some other 
limitations, for example: 
 Working stress method does not provide enough space for an engineer to reflect 
the difference between the behaviour of structure under ultimate loading and 
serviceability loading conditions.  
 It is a deterministic approach and provides only an implicit indication of failure, 
due to global factor of safety which is derived based on experience.  
 Working stress method could not account for the increase in truck loads with time 
and had no requirement for designing bridges lighter or heavier.  
These shortcomings became a matter of concern for civil engineers. Traffic was increasing at 
higher rate and there was a high demand of safe and secure infrastructure. Hence, it was 
essential to introduce a new approach, which could accommodate the bottlenecks of working 
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stress method, with more scientific and experimental justifications. Therefore, limit state 
design approach was introduced. Limit state design could consider unlikely events and 
growth in traffic while designing new bridge girders. Following section provides the process 
of designing and assessing a bridge girder using limit state method. 
     
4.3 Limit State Design 
Working stress method does not provide a uniform and consistent safety level, resulting; 
Limit State Design (LSD) method was introduced with an objective of providing a uniform 
safety to the bridges (Nowak, 1995). It was adopted successfully by majority of leading 
countries for economical and safe design. LSD was established based on two major 
characteristics, i.e. (O'Connor & Shaw, 2002): 
 It tries to consider all possible limit states; and  
 It is based on probabilistic methods.  
Limit state design is also recognized as, design for strength and serviceability, because it 
combines the best characteristics of ultimate strength and working stress method.  Ultimate 
strength design is based on the usage of inelastic characteristics of concrete and steel. 
Girders are designed considering inelastic strains of materials and utilising their maximum 
strengths (ultimate strength), such as, concrete strength reaching to its greatest extent and 
steel attains maximum yielding value, under ultimate applied load. Ultimate load is achieved 
when; service loads and dead loads are multiplied with respective load factors, simulating 
the ultimate scenario which girder might face during its in-service life. Load factors are used 
in LSD to make sure adequate safety is provided against an increase in service loads. These 
factored loads are usually beyond the loads mentioned in design codes and standards. Loads 
are factored to avoid any unlikely failure of the girder and to ensure that the expected 
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deformations under given service loads are not out of proportion. Load factors vary as per 
the loading effect, for example, dead load, live load, earthquake loading and wind loads have 
their own respective values.  
R. Park (1975) has provided a summary of key reasons emphasizing on the cause and need 
of shift in designing, from working stress method to limit state design. Reasons are as 
follows:  
 Reinforced concrete sections which are designed using working stress methods, 
do not take the inelastic strains of material in account. Resulting exact load factor 
remains unknown and varies with each structure.  
 Ultimate strength phenomenon provides a more rational selection of the load 
factors. Such as, a lower value load factors can be used for known values, e.g. 
dead loads, and a higher value load factor can be used for live load as it’s not 
certainly known.  
 Stress-strain curves for concrete are nonlinear and time dependent. Value of 
modular ratio used in working stress method is a crude estimated figure.  
 Inelastic strains analysis allows better distribution of stress, hence, provides an 
opportunity for designer to utilise the complete strength of the material. Whereas, 
working stress method is little conservative.  
 Ultimate strength design makes proper use of high strength reinforcement, which 
allows the design of smaller beam depths without using compression steel.  
 Ultimate strength design also permits a designer to evaluate the ductility of a 
structure in post-elastic range.  
In conclusion, the basic theory behind limit state design is that the resistance or strength of 
the structural component must be greater than or equal to the service load effects, where, 
100 
 
safety measures for a structural component are integrated with the use of load factors. To 
establish design loads using limit state design, specified loads are multiplied with respective 
load factors, as shown below: 
                                                                  (4.6) 
Load factors are established using reliability analysis theory or probability of failure concept 
and working stress method, together. Subsequent discussion provides an insight into how the 
probabilistic theory can be used to design safe and secure bridge girders. 
 
4.3.1 Probabilistic Theory behind LSD  
For a bridge assessing engineer, to understand how a bridge girder will respond to the 
applied loads depends on the type of loading, magnitude of applied loads, structural strength 
(resistance) and stiffness (Melchers, 2002). A response is considered satisfactory if it 
satisfies safety of the structure against collapse and limitations on damage. These individual 
requirements can be considered as limit states. When a structural component fails to satisfy 
any of the requirements, then it’s a failure of limit state, where structure is not fit for the 
intended use. Limit states are usually defined as: 
                                                                     (4.7) 
The magnitude of loads and resistance can vary statistically influencing the performance of 
the structural component (O'Connor & Shaw, 2002). Therefore, to understand the behaviour 
of the component it is necessary to perform reliability analysis. Several reliability techniques 
have been proposed by researchers, for example, FORM (First Order Reliability Method), 
SORM (Second Order Reliability method) and many others (Ditlevsen & Bjerager, 1986; 
Enevoldsen & Sørensen, 1994; Madsen et al., 2006; Thoft-Christensen & Baker, 1982).  
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In reliability analysis, parameters of the design are considered as random variables (Lysay, 
1999). Loads, strength and analysis models can also be probabilistically illustrated, with 
measure of safety defined as reliability index (Liu & Moses, 1991). Reliability index is 
related to the probability of failure. Probability can be calculated if real probability density 
functions or frequency distribution curves for applied loads and resistance are known. 
According to Becker (1997), probabilistic design can be categorised in 3 levels, as 
mentioned below:    
1. In level 3, actual probability distribution curves should be identified or measured 
for each chosen random variable.  
2. Level 2, needs that the shape or type of distributions for load and resistance be 
outlined and safety is classified as reliability index.  
3. In Level 1, safety is represented by separate load and resistance factors. These load 
and factors are established from a Level 2 reliability analysis.   
This fundamental description of probabilistic analysis provides basis to the majority of 
design codes for design purposes. It is essential for a designer to understand the basic 
principles and theory behind probabilistic design using reliability analysis.     
 
Reliability Analysis 
Performance of a structure is influenced by the load effects, L and resistance, R. Both 
parameters are influenced by certain variables and their combinations, such as, dimensions, 
applied load, material strengths and so on. These fundamental variables are actually the 
“basic” variables, which characterise the safety of the structure and were used in 
conventional design approaches as well (Melchers, 2002). Most of these variables are 
random variables and can be considered as, nonlinear, non-normal and correlated (Lysay, 
102 
 
1999). In addition, each variable carries a probability density function. The performance 
function based on loads effects, where Gp can be expressed as: 
                                        (4.8) 
Based on Equation 4.8, probability of failure, Pf can be stated as Gp ≤ 0 or R / L ≤ 1. To 
define reliability index, β (also known as safety index) it is necessary to assume that both L 
and R vary constantly together with a normal distribution. A probability distribution pattern 
is shown in Figure 4.1, along with a normal distribution pattern in Figure 4.2.      
 
Figure 4.1 Probability density distributions for R and L. 
 
 
Figure 4.2 Normal distribution for R-L and reliability index explanation. 
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Reliability index can be explained by the geometry of random variables, either variables are 
normally distributed or log-normally distributed. Consider R and L as statistically individual 
normal variables, whose average Gp is: 
                                               (4.9) 
And for a certain population of R and L, standard deviation can be defined as: 
                                                       (4.10) 
Area of failure region is shown in Figure 4.2, so to calculate the reliability index, divide 
average value of Gp by the standard deviation, i.e.  
   
    
    
                                                              (4.11) 
When, calculating reliability index it is essential to remember three key conditions: 
1. Selected variables should be assumed as normal variables 
2. Variables should be considered independent  
3. Gp must be a linear function for an accurate outcome; else, in a nonlinear scenario 
probability failure is not an exact outcome.  
This approach is very crucial to understand for a designer before designing a structural 
component and how the limit state evolved to utilise the complete strength of material.  
 
4.3.2 Ultimate Limit State and Serviceability Limit State 
To apply the above discussion, limit state design is classified in two key limit state 
conditions, namely, Ultimate Limit State (strength aspect), ULS and Serviceability Limit 
State (serviceability aspect), SLS. When a bridge girder is designed, it should satisfy both 
criteria before construction. It is done to ensure the safety and circumvent any premature 
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failure. Both limit states have been proposed with distinct objectives and an overview of that 
is given below. These objectives are later used for the assessment of aging bridge girders.  
 
Ultimate Limit State (ULS)  
This limit state takes into account the stability and strength of the structure beyond projected 
loads. AS5100.2 Australian Standard (2004) underlines certain limit states which are 
necessary for a structure: 
1. Stability Limit State: Loss of static equilibrium, due to sliding or uplifting of a 
certain part.  
2. Strength Limit State: It is an elastic, inelastic or buckling state, where the collapse 
takes place at one or extra parts of the structure.  
3. Failure of important components of the structure.  
4. Deterioration in strength: Deterioration takes place due to corrosion, fatigue or 
both, in a way that, collapse strength of the structural component is attained.  
5. Brittle fracture failure: Failure of either one or more sections of adequate 
magnitude, so that the structure is unfit for purpose.  
 
Serviceability Limit State (SLS)  
Similar to above discussion, serviceability limit state deals with in-service conditions of the 
structure, for example, fatigue, cracking due to applied loads, durability of the structure and 
so on. Detailed objectives of SLS are highlighted in Australian Standards and a brief 
summary is discussed below: 
1. Deformation of foundation or any other main load carrying component of high 
magnitude, such that the structure is not fit for purpose and have public concern.  
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2. Permanent damage: It can be due to several reasons, such as, corrosion, cracking, 
fatigue, which accounts for the reduction in service life and strength.  
3. Vibration causes structural damage and flooding of the road instigates scour damage 
to the surrounding channel bed.  
 
Load Combinations 
To design a reinforced concrete bridge girder, limit state design provides a set of load 
combinations. These combinations are used for estimating the required strength and 
computing required area of steel, based on the forecasted loads. Present AS5100.2 Australian 
Standard (2004), divides the loads and their effects in three categories, namely, permanent 
effects (PE), also known as dead loads, thermal effects and transient effects, also known as, 
live loads. These loads are comprised of other loads, such as,  
 
Dead loads include: 
 Self-weight of the structure.  
 Superimposed dead loads. 
 Earth pressure loads. 
 Shrinkage and creep effects (zero and full effects).  
 Prestress effects (before and after).  
 
Thermal effects include: 
 Change in average bridge temperature.  
 Differential temperature effects.  
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Live Loads 
 Traffic loads, including dynamic effects. 
 Pedestrian traffic loads. 
 Wind loads. 
 Earthquake loads. 
 Flood loads (including debris and impact loading).  
Load combinations are developed for both limits states. A combination of above listed loads 
is established along with the respective load factors. For example, to design simple 
reinforced concrete bridge girder, consider a combination of self-weight of the structure 
(DL), superimposed dead load (SDL) and traffic live load (LL) and multiply each load type 
by the respective load factor (LF) to establish factored load (FL). Combination will be 
expressed as: 
                                                                          (4.12) 
Afterwards, typical design steps are used to design the bridge girder based on the factored 
load and meet certain conditions. These conditions are shown in Figure 4.3. 
Condition 1 
Ultimate strength 
design check to 
accumulate the 
overload
Durability check to 
ensure appropriate 
cover and right w/c 
ratio is used
Deflection check as 
per the code 
requirement
Cracking conditions 
and crack control 
provisions must be 
followed
Lateral stability
Condition 2 
Condition 3 
Condition 4 
Condition 5 
 
Figure 4.3 Design conditions as per LSD regulations 
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Most of the design codes share similar design conditions, however, due to varied 
atmospheric conditions, such as, temperature, wind and distance from coastal region, 
magnitude of load factors varies within different codes. For a detailed design please refer to 
the appropriate bridge design manual.  
Above discussion outlines the principles of two design methods, which have been practised 
in Australia for design purposes at different eras, as discussed below. But, none of the design 
philosophies are used for the assessment of existing aging bridge girders. Following 
discussion provides a method to establish residual capacity and assess bridge girders using 
these design philosophies. Subsequent sections also highlight the key changes in shift of 
design codes.     
 
4.4 Shift in Australian Bridge Design Codes  
First Australian Bridge Design Code was introduced in 1953, named NAASRA (National 
Association of Australian State Road Authorities) Bridge Design Code – Working Stress 
Format (NAASRA, 1976). It was published based on American Bridge Design 
Specifications published by American Association of State Highway Officials (AASHO). 
NAASRA bridge design code followed many design principles from AASHO guidelines and 
moderated them to suit Australian conditions. NAASRA went through five major revisions, 
with second edition being published in 1958, third in 1965, fourth in 1970 and final revision 
was introduced in 1976. After the final revision of NAASRA, another significant revision 
was published in 1992, where NAASRA was changed to Austroads Bridge Design Code. 
With the name change, Limit State Design (LSD) was introduced at first time in Australia.  
Austroads was established in 1989 to replace NAASRA. Austroads is an association of State, 
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Territory and Federal road and traffic authorities in Australia. Mission of the Austroads 
(AustRoads, 1992): 
“To pursue the effective management and use of the nation’s roads as part of the 
Australian transport system by the development and promotion of national policies and 
practices”.  
As it was the first introduction of LSD in Australia, some key revisions were expected and 
presented in the next revision of code, which was known as HB 77 series, Australian Bridge 
Design Code and introduced in 1996. Afterwards, this series was also revised in detail and 
called as, Australian Standards - AS5100 series. This edition introduced nationally adoptable 
requirements for the design of road, rail, pedestrian and bicycle path bridges for concrete, 
steel and composite constructions. Figure 4.4, summarises the history of Australian Bridge 
Design Code trends.    
1953 - 1992
NAASRA Bridge 
Design Code – 
National Association 
of Australian State 
Roads Authorities
Working Stress 
Method (WSM)
1992 - 1996
ꞌ92 Austroads 
Bridge Design 
Code
Limit State 
Design (LSD)
1996 - 2004
HB 77, Australian 
Bridge Design 
Code
2004 - Present
AS 5100, 
Australian 
Standards Bridge 
Design
 
Figure 4.4 History of Australian Bridge Design Codes 
Majority of the differences between these design codes can be abstracted from the discussion 
of Limit State Design and Working Stress Method. However, some certain differences 
between Australian codes have not been outlined and discussed yet and given below: 
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1. Change in crack control provisions. 
2. Steel stress values.  
3. Regular amendment in design loads or live loads, i.e. truck loads. 
These challenges are discussed in the following sections and their influence on condition 
monitoring of bridge girders and asset management are explained in Chapter 5. Effects of 
these changes on demand and capacity of the girders are described using a bridge girder in 
Section 4.5.       
 
4.4.1 Change in Crack Control Provisions 
Crack control guidelines were introduced in NAASRA bridge design code. In 1976 revision 
of NAASRA a major amendment took place in crack control provisions, where basic 
allowable tensile steel stress and crack width were regulated to 170 MPa and 0.25 mm, 
respectively. These limitations were outlined for normal exposure conditions and crack 
widths were established based on maximum crack width formula prescribed in AASHTO. In 
last revision of NAASRA, live load deflection limit was also removed for reinforced 
concrete design and more emphasis was given on span-to-depth ratios.  
Crack control provisions were further revised for more durable and long term performance 
of the bridge girders in ’92 Austroads Bridge Design Code. Main emphasis was given to the 
detailing requirements of reinforcement, as a means of controlling cracking (AustRoads, 
1992). On the other hand, crack widths could also be computed using Gergely-Lutz crack 
width model. This model has been brought in practise by several design codes as well, such 
as, BS 8100 Part 2 and ACI 318 code. Apart from calculations, designers were instructed to 
limit the distance between reinforcement bars and use minimum cover to control cracking. 
To control cracking under temperature and shrinkage effects, a minimum area of 
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reinforcement requirement was also specified in ’92 Austroads Bridge Design Code, on all 
faces of concrete. These provisions were superseded by Australian Standards in 2004 and 
have been discussed in Section 3.5.1. 
Regular up-gradation in the crack control provision signifies the importance of limiting 
cracks at design stage of a bridge girder. On the other hand, once a bridge girder comes in 
service, not many models and codes are used to quantitatively locate the cracks and crack 
widths, except using visual inspections to locate possible signs based on outer appearance. It 
is believed that if a bridge girder’s crack width falls in the range of 0.25 mm to 0.38 mm, 
then, it is not likely to impair the performance of the girder and create any public alarm, but 
it becomes a matter of concern when it reaches to a critical stage, where it provides passage 
way for moisture and salt content to set corrosion in motion. Bridge girders analysed in this 
dissertation were designed and constructed in 1950s and 60s. Code provisions have proved 
successful in the smooth functioning of girders till today, but these girders have started aging 
and experiencing large volume of traffic than designed for. Therefore, it has become 
challenging for local asset owners to rely on the subjective condition monitoring data and 
take proactive measures to prevent any unforeseen failure. Assessing aging bridge girders 
based on the design principles of working stress method and limit state design is an effective 
quantitative way which is discussed in following sections.  
 
4.4.2 Steel Stress 
Apart from limiting cover requirements and reinforcement detailing, tensile steel stress is 
also limited to control cracking. NAASRA Bridge design code allowed basic tensile steel 
stress of 170 MPa to control cracking. On the other hand, no stress limitations were provided 
in 1992 edition of design codes for crack control in reinforced concrete beams, except 
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prestressed beams, where allowable stress was limited to 200 MPa (AustRoads, 1992). 
According to AS5100, steel stress for beams subjected to flexure is calculated assuming, the 
section is cracked and does not exceed the maximum steel stress for the largest nominal bar 
diameter (db) in the tensile zone. This shows the significance of steel stress values in limiting 
crack widths.  
With shift in design codes, basic steel stress values have also evolved with time. Main 
factors which contribute towards this increment are development in technology to assess the 
strength of material, advancement in material handling and enhanced design methods. A 
summary of Australian reinforcing bar standards, highlighting this growth since 1958 is 
provided in Table 4.1. There are three major type of reinforcing bars, i.e. hot rolled plain 
round reinforcing bars, hot rolled deformed bar reinforcing steels and cold twisted deformed 
bar reinforcing steels. Table 4.1, outlines the values for hot rolled deformed bar reinforcing 
steels, as it is used widely at the tensile face of the reinforced concrete bridge girder, a key 
location where cracking usually occurs. A major difference can be noticed between yield and 
tensile strengths of the steel bars.  
Table 4.1 Summary of Australian hot rolled deformed bar reinforcing steels (Steel, 
1935) 
Standard Active Years Bar Sizes Material Properties 
A.S. A. 92 1958 – 1965 
Bar numbers 3 to 11 
where each unit 
represents 1/8 inch. 
Effective range 
10mm – 35mm 
Structural Grade: 
Yield Strength: 230 MPa min 
Tensile Strength: 435-515 MPa 
Hard Grade: 
Yield Strength: 345 MPa min 
Tensile Strength: 550 MPa min 
A.S. A. 92 1965 – 1973 As Above 
Structural Grade: 
Yield Strength: 230 MPa min 
Tensile Strength: 430 MPa min 
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Hard Grade: 
Yield Strength: 345 MPa min 
Tensile Strength: 550 MPa  
AS 1302 – 
230S 
1973 – 1977 Not Given 
Yield Strength: 230 MPa min 
Tensile Strength: 430 MPa min 
AS 1302 
1977 – 1982  
12mm to 36mm in 
4mm increments. 
40mm and 50mm 
subject to enquiry. 
Grade 230S: 
Yield Strength: 230 MPa min 
Tensile Strength: 1.15 * YS min 
Grade 410Y: 
Yield Strength: 410 MPa min 
Tensile Strength: 1.15 * YS  
1982 – 1991  
Grade 230S: 
Yield Strength: 230 MPa min 
Tensile Strength: 1.15 * YS min 
Grade 410Y: 
Yield Strength: 410 MPa min 
Tensile Strength: 1.05 * YS  
1991 – 2001 
Grade 250S: 
Yield Strength: 250 MPa min 
Tensile Strength: 1.10 * YS min 
Grade 400Y: 
Yield Strength: 400 MPa min 
Tensile Strength: 1.10 * YS  
AS 4671 2001 –  
12, 16, 20, 24, 32, 
36mm 10mm also 
available in coil. 
40mm also available 
in bar 
Grade 250N: 
Yield Strength: 250 MPa as lower 
characteristic value 
Tensile Strength: 1.08 * YS  
Grade 500N: 
Yield Strength: 500 MPa as lower 
characteristic value. 
650 MPa as upper characteristic 
value.  
Tensile Strength: 1.08 * YS  
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Advancement in steel stress values has provided a different edge to the designing of 
reinforced concrete bridge girders. According to present codes, beams are designed to cater 
heavy loads and expected to have longer service life. Even though certain measures have 
been taken to strengthen the girder design, cracking phenomenon is unavoidable and truck 
loads will increase with growth in demand and improved interconnectivity. Consequences of 
the increase in truck loads can be noticed in the discussed case studies and their influence on 
the condition of the aging girders is assessed in this dissertation.    
 
4.4.3 Change in Live Loads 
There is a fine difference between the definition of design loads and live loads. Design load 
incorporates possible growth in legal load limits and also characterises vehicle configuration 
and expected traffic pattern (AS5100.2 Australian Standard, 2004). On the other hand, live 
load term is used to represent the load which is faced by structure in present. Nowak (1993) 
defines live load as an array of forces generated due to moving vehicles on bridge. The 
consequences of these forces depends on several parameters, such as, truck load, girder span, 
axle configurations and loads, location of the truck on bridge, bridge girder spacing and so 
on (Nowak, 1993). In further discussions of dissertation design truck loads are considered as 
proof loads and used to quantitatively assess the reinforced concrete bridge girders. A 
summary of change in truck loads since 1900s is provided below.  
 
History of Truck Loads or Live Loads 
Applied loads are not constant and have been increasing at a rate of 10% per decade since 
1900 (Enright & Frangopol, 1998b; Heywood & Ellis, 1998). In 1950’s Australian bridges 
were designed using H20-S16-44 truck configurations, suggested by AASHTO. Later, this 
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loading configuration was renamed as HS20-44, where, it indicated a vehicle carrying a front 
axle weighing 4 tons and rear and semi-trailer axles weighing 16 tons each.  Geometric 
representation of this loading is given in Figure 4.5. In later revisions of AASHTO design 
codes, another load configuration was introduced i.e. HL-93. HL-93 had the same magnitude 
as HS20-44, except the change in loading positions. A comparison is provided in Figure 4.6. 
Introduction of HL-93 provided the liberty of using point loads in conjunction with 
uniformly distributed load.  
In 1992, new design loads were proposed. Bridges were designed to cater either T44 truck 
loading, L44 lane loading, Heavy Load Platform (HLP) loading or W7 wheel loading. Out of 
all, most of the bridges were designed for T44 and L44 loading configurations. T44 truck 
loading spectrum is shown in Figure 4.7. It consist tandem axle group with variable spacing 
between 3m to 8m to generate maximum effects. L44 lane loading consist concentrated load, 
i.e. 150 kN together with uniformly distributed load i.e. 12.5 kN/m.  
 
Figure 4.5 H20-S16-44 truck configuration (Rossow, 2013) 
 
 
Figure 4.6 AASHTO HS20 loading (Rossow, 2013) 
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Figure 4.7 T44 Truck Loading (AustRoads, 1992) 
 
Apart from T44 and L44, HLP was suggested to be used for special bridge types. It is 
subdivided into two parts, HLP 320 and HLP 400. To design a bridge using HLP load 
configuration, it is mandatory to abide by the specifications given in Austroads Bridge 
Design Manual. HLP load configuration is shown in Figure 4.8.  
 
Figure 4.8 HLP loading configuration for dual wheels along a single axle.  
 
Change in design load happens to accommodate the future growth. Such a trend has been 
noticed in Australian road industry, where, allowable axle mass for trucks operating on 
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Australian roads has increased over time (Das et al., 2001; Marsh, 1981). At present, few 
bridges are confronting higher loads than the designed loads, hence initiating the increase in 
deign live loads (Gordon & Boully, 1997). Considering this growth and changes in load 
configurations, Australian Standards decided to introduce new design truck loads in 2004. 
These design loads are known as S1600, M1600 and A160 and used for future bridge design 
and assessment of existing bridge girders. M1600 incorporates the loads for moving traffic, 
whereas S1600 emphasises on stationary traffic load. Both load types and axle 
configurations are shown in Figures 4.9 and 4.10 respectively.  On the other hand, A160 
considered an individual heavy axle consisting a concentrated load of 160 kN over a 3.2m 
standard design lane, with maximum of 2m spacing between two tyres. HLP 320 and HLP 
400 were also considered in this design code subject to the requirement by road authority.  
 
Figure 4.9 M1600 moving traffic load model (AS5100.2 Australian Standard, 2004) 
 
 
Figure 4.10 S1600 stationary traffic load model (AS5100.2 Australian Standard, 
2004) 
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Similar increase in load limits is also suggested by Faber et al. (2000). Pearson and Foley 
(2000) report summarises the increase in gross mass limit in Victoria for articulated vehicles, 
since 1950. Figure 4.11 shows the growth in load limits.  
 
Figure 4.11 Regulated gross mass limit increase, Victoria since 1950 (Pearson & 
Foley, 2000) 
As per the Figure 4.11, there has been an increase of 0.45 tonnes per year and similar growth 
is expected till 2020. Similar trend can be expected to be represented by Australian road 
infrastructure, depending on the strategies and policies put in place. A summary of the above 
discussed change in live loads is provided in Figure 4.12.  
 
 
Figure 4.12 Change in live load since 1950, as per design codes    
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4.5 Demand and Capacity – Case Study  
The following section compares the capacity of an existing in-service bridge girder designed 
in 1960s using working stress method to illustrate the compliance of the girder under the 
current loading code provisions for, both, serviceability and ultimate conditions. The 
selected girder is U-Slab bridge girder, which is typical in bridges of that era and represents 
large proportion of bridge assets in regional shires and councils. It is designed using 
NAASRA design guidelines applicable in 1960’s. 
U-Slab girders were introduced in early 1950’s and designed to cater 0.47 of wheel load, i.e. 
0.47 of H20-S16-44 truck loading. Bending stress of the girder was limited to 55% of 
minimum yield strength of reinforcing steel. For the simplification of the assessment, author 
have converted U-slab girder into an equivalent rectangular section by maintaining the 
original effective depth and stiffness as further explained in Section 5.2.  
Understandably, the original design and as-built details based on 1960 provisions are much 
less than the present design loads and the assessment of a bridge girder currently in-service 
require complying with the current loading code provisions. Estimation of governing loading 
conditions and comparison could be time consuming as the current provisions are relatively 
complex compared to 1960s. One of the efficient ways of achieving it is, to establish the 
flexural capacity of the girder and compare it against the additional moment capacity 
demand, resulting from the current loads. This can be interpreted as establishing residual 
strength and over-strength of the bridge girder. There are three possible capacity limits 
which can be established by using allowable tensile stress, minimum yield stress and 
maximum tensile stress, as well as, concrete compressive strength. In a field situation it may 
be beneficial to obtain core samples and laboratory tests in establishing more reliable values. 
In the following illustration, it can be seen no material safety factors are used. It is up to the 
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assessor to justify; based on industry best practices, the appropriate safety margins. The idea 
is to compare the design actions based on current provisions against the capacity established 
as above, which is always independent of applied loads.  
Bending moment is calculated using following equation.  
           
  
 
                                           (4.13) 
 
Where, Ast (mm
2
) is the area of reinforcement in tensile zone, fs (MPa) is allowable steel 
stress, d (mm) is effect depth and dn (mm) is neutral axis from the extreme compression fibre 
of the girder. Structural dimensions of the girder are shown in Figure 4.13.  
 
Figure 4.13 Structural dimensions of the bridge girder 
 
Material properties of steel and concrete are provided in Table 4.2. Table also shows the 
allowable, yield and tensile steel stress values, which are used for the bending moment 
calculations. Outputs of the bending moment calculations are shown in Table 4.3. As per the 
table, it can be shown as per working stress method; the bridge girder is designed to cater for 
204 kN.m of design moment. In this case, residual strength and over-strength can be 
calculated by My/Ma and Mu/Ma, respectively. This also imply that the girder, in its original 
design, has safety factors of 1.81~2.00 and 2.91~3.00 respectively, which are graphically 
illustrated in Figure 4.14.  
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Table 4.2 As-built or measured material properties of the bridge girder 
Material  Value 
Concrete 
Concrete compressive strength, f’c (MPa) 30 
Allowable concrete stress, 0.4*f’c 12 
Steel – AS.A.92 – Hard Grade 
Allowable tensile stress, (55% of yield) MPa 190 
Yield strength, MPa 345 Min 
Tensile strength, MPa 550 Min 
Modular Ratio, n 7.70 
 
Table 4.3 Moment capacities of the bridge girder 
Bending Moment 
Capacity 
Value 
(kN.m) 
Mallowable 204 
Myield 370 
Multimate 590 
 
 
Figure 4.14 Safety factors versus moment capacity 
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Upon establishing the capacity, as discussed above, the next step would be to estimate the 
design moments resulting from increasing demand over its life span, influenced by the 
loading provisions. In this case during its current life span, 1960 to 2015, there are two major 
revisions affected, as indicated in Table 4.4.  It should also be noted that not only the load 
but also the design philosophy (from WSM to ULS method), loading factors and loading 
configurations have significantly revised. Table 4.4 provides the resulting serviceability and 
ultimate design bending moments, with appropriate loading combinations and load 
configurations as discussed in section 4.4.3. It is worth noting by 1992 and 2004 design 
philosophy is limit state design. More information on loading configurations, changed over 
the life span of the girder in consideration, can be found in Figure 4.12.  
Table 4.4 Summary of load combinations 
Year Truck Type 
Bending Moment (kN.m) (PL + UDL + SW) 
SLS (1.0G + 1.0Q) ULS (0.85G + 1.8Q) 
1950 
H20-S16-44 (0.47 of 
Wheel Load) 
153 254 
H20-S16-44 324 540 
1992 L44 515 884 
2004 
S1600 743 1296 
M1600 779 1360 
   Note: G = Dead Load, Q = Live Load  
It is prudent to examine the current life cycle of the girder, had this been experienced the 
design loads recommended by 1992 to 2004 provisions. Figure 4.15 presents the scenarios in 
a graphical form where one could see, from a standard of care point of view, the asset 
engineer can visualise, in a theoretical sense, what a status their bridge asset could be 
classified under. It is not suggesting this is the actual situation bridge girder is at. However, 
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from a standard of care point of view, it is very unlikely the girder could be in compliance 
with the current requirements. It is envisaged, having possibility to establish such charts in a 
very cost effective way, the condition monitoring regimes can get benefit in establishing 
such profiles for each of their bridge girders in-service.     
 
Figure 4.15 Applied moment due to serviceability and ultimate limit states 
 
Figure 4.15 shows the bending moment generated due to applied load accounting for 
serviceable and ultimate scenarios. In SLS, 1950’s loading remains within allowable zone if 
0.47 of wheel load is experienced by the girder; else it enters into the yield zone. As demand 
increases in 1992, girder is capable of catering the desired loading because it is within the 
tensile limit. But, if girder experiences 2004 loading then it should fail theoretically. 
However, if ULS is considered for the assessment of girder then it can only cater 1950’s 
loading and should fail if 1992 and 2004 loading scenario is presented. This study only 
focuses on the serviceability loading combinations, but users can use the ultimate scenarios 
for future decisions. Considering the age and loading used for assessment, girder should not 
be in service, because 2004 loading crosses the tensile zone. However, authors assume that 
girder has not experienced the 2004 loading as yet and still remains with-in tensile zone. 
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This loading is used to establish future consequences and make some informed decisions. If 
girder sees the part of 2004 loading then it will be able to sustain the applied moment due to 
the large safety margins used during design. A great difference can be noticed between 
allowable bending moment and ultimate bending moment, which clearly states over 
strengthening of the girder and able to sustain the increase in applied load. Also, a girder 
only experiences a small percentage of the total load when truck crosses over; hence it 
manages to sustain the increase in demand with time.   
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Chapter 5                                              
Application of Quantifiable Approach 
5.1 Introduction  
(H.-B. Xie et al., 2014) argued that subjective assessment is a key technical barrier for 
successful and effective bridge management practise and decision making. This chapter 
examines the viability of theoretically quantifiable assessments in assisting condition 
monitoring through visual inspections. As introduced in previous chapters, visual condition 
monitoring guidelines (VIC Roads 2011) considers the presence of cracks as the main 
distress signals of an aging bridge girder in-service. In spite of significant existing body of 
knowledge in understanding the mechanics of reinforced concrete cracking, which is 
employed quite confidently in design phase of a girder, there is very little evidence in 
utilising the same knowledge, in a reverse engineering sense during in-service life of the 
bridge girder. This thesis hypothise the use of above possibility, with due diligence, which 
can provide vital theoretical information on condition of bridge girder, where, cracking could 
be related to either time dependent material behaviour (creep, shrinkage) and time dependent 
increase of external loading or combination of both.  
The limitations of visual condition data, especially faced by less resourceful asset owners, 
such as councils and shires, have been discussed in Section 2.5. In number of consultations 
with such asset owners during this research it became clear the programs of bridge 
maintenance and capital forecasting require some scientifically quantifiable means 
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particularly in prioritising their decisions. The proposed method has been presented and 
discussed with the South-West regional asset management group, where the ability to 
supplant visual data with scientifically quantifiable approach has been well received.  
The proposed method has been verified using four case studies. The procedure is laid out 
and explained using one of the case studies below and the other three case studies have been 
included in appendices B to D. Case study 1 to 3 are U-Slab bridge girders and case study 4 
is an “I” section. For simplification, author has converted both girder types into an 
equivalent rectangular section by maintaining the original effective depth and stiffness as 
explained below. Outcomes of the analyses are presented as crack widths, w.  
One of the outcomes of this study is to pre-empt a theoretically quantifiable age of 
intervention which is discussed in detail in Section 5.4. To put in another way the idea is to 
use reinforced concrete crack estimation models, discussed in Section 3.4, to estimate cracks 
reaching critical crack width of 0.3mm which triggers the corrosion setting and predict the 
age by which this is likely to occur. It must be emphasised, that the corrosion induced 
cracking is not part of this assessment, as it is not within the scope of the study. However, 
once 0.3mm crack width age is theoretically identified, it must be noted as an intervention 
age of some description. It has to be acknowledged that the corrosion setting will accelerate 
the degradation of stiffness and strength of the girder without timely intervention from that 
point onwards. To validate the analysis, outputs of the case studies are compared with on-
site recordings and comparison shows good agreement between anticipated results. 
5.2 Data Acquisition & Case Evaluation 
Before carrying out quantitative analysis, author collected the original information of case 
studies, such as, original material properties of the girder, structural properties, history of 
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condition monitoring data and any maintenance history. Out of all, author studied the 
recently collected bridge girder condition data in detail. Data collection also involved regular 
consultations with regional asset owners and identify their current monitoring and decision-
making frameworks.  
Detailed study of visual condition monitoring reports did not indicate any distress signs for 
bridge girders, such as cracking and considered fit for purpose. This information was found 
missing in majority of the reports, hence resulted in misleading projection of the capital 
works program and maintenance program. In addition to crack width, no information was 
recorded in relation to change in creep, shrinkage and impact of loading on bridge girders. 
Evidence of these limitations was also noticed in the South-West regional asset management 
group meetings. Majority of regional asset owners also presented these concerns in relation 
to their bridge assets.  
Another problem in data acquisition was unavailability of detailed drawings with asset 
owner for case studies. Asset owner has been maintaining these girders based on standard 
inspection manual and suggestions presented in condition monitoring reports. However, it 
was of importance to acquire original structural drawings to quantitatively evaluate the case 
studies. After consulting VicRoads, typical cross section drawings of bridge girders for that 
era were made available to author. Drawing consisted cross section detailing, compressive 
strength of concrete, reinforcement detailing, such as, typical bar diameter, tensile and yield 
strength of steel and design load used for design purposes.  
Before describing one case study in detail, it’s important to summarise all case studies used 
in this research. A summary of chosen case studies is provided in Table 5.1, highlighting 
type of girder used for analysis, year of construction, loading used during design stage, 
present age and overall length of the bridge and girder spans. All case studies were designed 
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using working stress method design principles. Original identity of the bridges is kept 
confidential and denoted as, CS-1 to CS-4 (Case Study 1 to 4).  
Table 5.1 Summary of case studies 
Case 
Study 
Girder / 
Structure 
Type 
Overall 
Length 
(m) 
Span 
Year of 
Construction 
Span 
Length 
(m) 
Age 
Design 
Loading 
CS-1 
U Slab 
Girder / RC 
28.10 3 1960 9.36 55 
H20-S16-44 
CS-2 64.70 6 1970 10.78 45 
CS-3 24.40 4 Not Known 6.10 - 
CS-4 I Girder / RC 55.80 5 1965 11.16 50 
*RC = Reinforced Concrete 
Material properties and structural dimensions of the girders are provided for each case study. 
Span lengths of chosen case studies vary between 6m to 11m approximately. Larger spans 
are not included in the scope of discussion, but the quantitative analysis can be applied for 
assessment purposes. Spans have evolved over time with advancement in structural analysis 
and design capabilities. A summary of span ranges since 1930s is provided in Table 5.2.  
Table 5.2 Typical girder spans used in simply supported bridge decks from 1930’s 
to 1980’s 
Era Span Range (m) 
1930's - 1940's 9 
     
Early 1960's 
 
9.1 to 
13.1 
10.6 to 
18.3 
   
Early 1970 
   
14.0 to 
30.0 
  
During 1970's 
    
32.0 to 
36.0 
 
Mid 1980's 
     
28.0 to 40.0 
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5.2.1 Case Study 1 (CS-1)  
Current age of the bridge is 55 years old. It was constructed in 1965, using working stress 
method for H20-S16-44 design load with U-Slab bridge girders. Structural drawings of this 
girder were not available with respective asset owner, hence collected from VicRoads 
headquarter keeping confidentiality clause in mind. These were hand drawn drawings, which 
contained all necessary information. But, it was challenging for researcher to quantitatively 
analyse original U-Slab bridge girder, therefore an equivalent rectangular section theory is 
proposed and discussed below. This theory has been adopted for all case studies.  
 
5.2.2 Equivalent Rectangular Section 
To simplify the analysis, researcher converted the original U-Slab bridge girder into an 
equivalent rectangular section, by maintaining effective depth and stiffness of the girder. It is 
done to streamline the quantitative assessment and increase the likelihood of acceptance for 
regional asset owners. Models chosen for analyses have also been proposed based on the 
laboratory tests and statistical analysis of data. Most of the laboratory tests were conducted 
using rectangular sections, therefore conversion provides a great surety of establishing 
precise theoretical crack widths. 
Conversion theory has been described below for CS-1. To establish the width of the 
converted rectangular section, second moment of area of a U-Slab bridge girder was 
calculated and kept against the second moment of area of a rectangular section by keeping 
width “b” as unknown. Figure 5.1 demonstrates the equivalent rectangular criterion used in 
the research. Similar theory is adopted to convert I shape bridge girder into equivalent 
rectangular section as well.  
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Figure 5.1 Equivalent rectangular section conversion 
 
To convert the U-Slab bridge girder, it is essential for an asset owner to have the records of 
original structural dimensions and material properties of the girder. Material properties, 
concrete cover, tensile reinforcement remain unchanged after conversion, except cross 
section width. Ligatures and stirrups are not included at the time of conversion and remain 
outside the scope of discussion.  
Table 5.3 Structural dimensions of CS-1 before conversion 
Parameter Value 
Width of the section, b1 (mm) 609.60 
Width between shear legs, b2 (mm) 444.50 
Total depth, d (mm) 152.40 
Thickness of shear leg, s (mm) 304.80 
Web thickness, t (mm) 101.60 
 
After establishing the basic parameters second moment of inertia of U slab girder was 
calculated, using below mentioned formulas.  
        
        
 
 
                         (5.1) 
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Where, A is cross section area of the girder and y is the distance of axis from extreme fibre 
and can be calculated as follows. 
                                 (5.2) 
     
         
 
             
                    (5.3) 
After establishing basic parameters, second moment of inertia of U slab is placed against 
second moment of inertia for equivalent rectangular section and an equivalent cross section 
width is calculated. Table 5.4 shows original and equivalent rectangular section values.  
Table 5.4 Equivalent rectangular cross section values 
U Slab Bridge Girder Equivalent Rectangular Section 
Parameter Value Parameter Value 
Width of the section, b1 (mm) 609.60 Width (mm) 409.68 
Width between shear legs, b2 
(mm) 
304.80 
  
Total depth, d (mm) 444.50 Total depth, d (mm) 444.50 
Thickness of shear leg, s 
(mm) 
152.40 
  
Web thickness, t (mm) 101.60   
y (mm) 254.15   
A (mm
2
) 166451.28   
I U Slab (mm
4
) 3.00 x 10
9
 I Equivalent girder (mm
4
) 3.00 x 10
9
 
5.2.3 As-Built Material Properties for CS-1 
To analyse the case study, as-built material properties of the original girder are used 
extensively. These properties are drawn from the original drawings and method used to 
design original bridge girder, as shown in Table 5.5.  
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Table 5.5 Structural and material properties for CS-1 
Properties Value 
Concrete compressive strength, f 
’
c (MPa) 30 
Concrete Density (kN/m
3
) 2300 
Concrete cover, c (mm) 50.8 
Tensile reinforcement 7 N 24 
Bar Diameter (mm) 24 
Yield strength of steel (MPa) 345 Min 
Tensile strength of steel (MPa) 550 Min 
 
Two different set of reinforcement configurations are used for analysis, with different bar 
diameters and bar numbers, keeping the total cross sectional area of reinforcement 
equivalent to original cross section. It is done, to understand the variability in crack widths 
and the influence of different bar configurations on a bridge girder. Bars put in tensile zone 
are Hard Grade Steel, AS No. A92 bars, as given in original structural drawings.  
 
5.3 Quantifiable Assessment 
This section provides quantitative analysis of CS-1 and discusses the impact of changing 
design loads, increase in flexural stresses and their influence on crack widths. Theoretical 
crack widths are established using selected models, as discussed in Section 3.4.    
 
5.3.1 Increase in Design Loads since 1950’s  
For an asset owner to understand the influence of increase in design loads, CS-1 is assessed 
considering limit state design philosophy, where no safety factors are employed. These 
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design loads are used as proof loads under serviceability conditions and positioned on the 
chosen span to generate maximum bending moment, based on several load combinations, 
such as, point loads (PL), combination of point loads, uniformly distributed loads (UDL) and 
self-weight (SW) of the girder, as shown in Figure 5.2. Prominence is given to the 
combination of PL + UDL + SW. Truck loads are placed at critical locations to establish 
maximum bending moment under serviceability condition. Bending moments are established 
for each design load, since 1950, as shown in Table 5.6.  
Figure 5.2 shows the generalised load positioning used to calculate the bending moment at 
critical positions. Point loads, WPL and uniformly distributed loads (UDL) are varied with 
change in truck load configurations. Exact values and load positions for CS-1 based on each 
truck type are provided in Appendix A. 
 
Figure 5.2 Truck load configuration for quantitative assessment 
 
Table 5.6 Summary of bending moments 
Year Truck Type 
Bending Moment (kN.m) 
(PL + UDL + SW) 
1950 H20-S16-44 323.65 
1992 L44  514.93 
2004 S1600 742.76 
2004 M1600 778.99 
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5.3.2 Influence of Design Moments on Flexural Stresses 
Influence of steel stress values on crack widths and crack control is discussed in Section 4.4, 
which also highlights the growth in yield and tensile strength of steel over time. This growth 
is a result of development in technology and complete usage of material properties, which 
was originally missing in working stress method design philosophy. Flexural stresses are 
governed by the applied bending moment. Flexural stress is one of the common parameter 
between all selected crack width models and is directly proportional to the calculated crack 
width. Flexural stresses are developed using basic flexural stress formulas. To simplify the 
calculations author has developed a Microsoft Excel model which calculated flexural stress 
for each design load and also assisted in drawing comparison between two types of 
reinforcement ratios used for girder analysis. This approach is adopted for all case studies.  
For CS-1, flexural stress is calculated considering 7N24 and 5N28 bars, to represent possible 
variability in detailing, for an equivalent reinforced concrete bridge girder. A summary of 
flexural stresses for two bar types is provided in Table 5.7. Yield strength of steel used in 
CS-1 is 345 MPa.  
Table 5.7 Increase in steel stress due to change in design moment 
Year Truck Type 
Bending Moment (kN.m) 
(PL + UDL + SW) 
Flexural Stress (σst) 
(MPa) 
7N24 5N28 
1950 H20-S16-44 323.65 301.99 309.73 
1992 L44  514.93 480.47 492.78 
2004 S1600 742.76 693.05 710.82 
2004 M1600 778.99 726.86 745.49 
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As per Table 5.7, steel stress of CS-1 remains in the yield zone until H20-S16-44 and 
reaches the tensile capacity (i.e. 550 MPa min) at the introduction of T44 and L44 loading. 
However, the concern arises when CS-1 is assessed using S1600 and M1600 loadings. It 
provides some alarming values and suggests that the girder has reached its ultimate capacity 
and should not remain in service, but such is not the case. This girder is currently used by 
large freight and heavy truck traffic, allowed by the relevant road authority. It is done 
considering that; the bridge girder will not encounter the ultimate loading used for analysis 
in the life span. But, it should not be forgotten that these bridges were not designed 
considering the ultimate scenarios and inelastic behaviour of concrete. To further understand 
the impact of steel stress on the performance and durability of bridge girder, it is essential to 
forecast crack widths which are the result of increase in truck loads.  
 
5.3.3 Estimation of Crack Widths using Selected Models  
This section presents a parametric study outcome, for CS1, using five different crack width 
prediction models, discussed in Section 3.4 and two marginally different tension 
reinforcement configurations discussed in preceding section. Application of these models are 
predominantly used during design and rarely used in the assessment of the condition of an 
existing in-service bridge girder. As mentioned before, this research is examining the 
viability of using crack prediction models available, to our advantage in supplementing the 
condition monitoring regime. It should be emphasised that, in this study, the calculated crack 
width is regarded as an indicator which initiates further degradation due to corrosion. It 
became clear through this study that the time dependent creep and shrinkage induced crack 
widths become negligible in comparison to flexural induces cracking due to significant 
increase in traffic induced loads. Obviously the corrosion induced crack widths are not 
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within the scope of this exercise. This is done to demonstrate the impact of loading on crack 
widths and how such additional theoretical assessments can be used to supplant the condition 
data available to asset owners, in taking informed decisions on timely manner along with the 
regular inspections. Application and usage of the methodology is described in following 
sections. Further discussion involves the calculation of crack widths using each model.  
 
5.3.3.1 Model 1 – R. I. Gilbert 
This model is proposed by the Gilbert based on Australian conditions, hence considered 
prominent in further discussions. It is also a significant model because it includes shrinkage 
and creep in the crack width prediction formula, which is scarce in other models. Therefore, 
output of this model includes shrinkage and creep analysis along with crack width analysis. 
Elastic modulus of concrete with time is calculated as per the model.        
 
Elastic Modulus 
In general a constant value for elastic modulus, Ec is considered during design calculations. 
Figure 5.3 shows the increase in elastic modulus with time for CS-1, but this growth isn’t 
considered in calculating crack width and elastic modulus value at 28 days is used for 
quantitative analysis, i.e. Ec (28) = 25978.90 MPa. It is done to maintain the consistency 
while comparing the outputs from different models. Figure 5.3 also shows growth in Ec for 
Ordinary Portland Cement (OPC) and High Early Strength Concrete (HESC). Calculation of 
elastic modulus was performed considering the compressive strength, fcmi as 30 MPa.   
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Figure 5.3 Elastic modulus versus time for 30 MPa concrete. 
 
Creep Coefficient  
To understand the moisture movement and growth of microcracks, Gilbert’s model also 
includes creep coefficient in crack width formula. To calculate creep for CS-1, a time 
dependent creep coefficient function is used, as mentioned below: 
                                      (5.4) 
Where; φbasic accounts for basic creep coefficient, k2 signifies the development of creep with 
time, k3 is influenced by the age of concrete at first loading τ (in days), k4 signifies the 
surrounding environment of the girder, i.e. 0.7 for arid environment, 0.65 for an interior 
environment, 0.60 for a temperate environment and 0.5 for a tropical/coastal environment 
and k5 shows the reduced influence of Relative Humidity (RH) and specimen size on creep. 
To identify the difference in crack widths due to change in location and surrounding, creep 
coefficient is calculated for each environment type. For CS-1, crack width discussion is 
limited to temperate environment.  
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Figure 5.4 Creep coefficient versus time for CS-1 
Creep coefficient value is computed assuming first loading took place after 28 days, i.e. (τ = 
28).   
 
Shrinkage Strain  
Gilbert proposed a time dependent shrinkage strain model and incorporated the final 
outcomes of the model in the crack width formula. It was done, to accustom the changes in 
concrete due to surrounding environment and provide an accurate and precise outcome due 
to shrinkage strain. Total shrinkage strain is used in the final calculations of crack width. 
Similar to creep-coefficient, total shrinkage strain is also calculated for four different types 
of environments, i.e. arid, interior, temperate and tropical/coastal. Then, for analysis and 
validation purposes, CS-1 is only assessed for temperate environment. Total shrinkage strain 
computations depends on hypothetical thickness of girder, i.e. two times the cross sectional 
area of the girder divided by the section perimeter which is exposed to the atmosphere. It 
also depends on the concrete compressive strength, f 
’
c. For CS-1, final calculations are 
shown in Figure 5.5.  
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Figure 5.5 Total shrinkage strain vs. time for CS-1 
 
Crack Width, wmax 
Crack widths are calculated based on Equation 3.19 and established in the tensile zone of the 
bridge girder. These values are influenced by creep coefficient, shrinkage strain and induced 
flexural steel stress. Influence of creep coefficient and shrinkage strain is not considered 
highly influential due to small values; hence remain outside the scope of discussion. On the 
other hand, induced steel stress and concrete cover influence the crack width prediction 
predominantly. This chapter does not consider the influence of varying concrete covers; 
hence a constant value of 50.86 mm is used. This value is taken from original structural 
drawings of the bridge girder. Figure 5.6 shows the effect of increase in induced flexural 
steel stress on reinforced concrete bridge girder for 5N28 and 7N24 bars. For simplification 
and to understand the influence of change in design loads since 1950’s, figure has been 
subdivided into four sections. Micro cracking is ignored and not shown in the calculations.  
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(a) 1950 – H20-S16-44 design live load 
 
 
(b) 1992 – T44 and L44 Loading. Only L44 is shown.  
 
 
 
(c) 2004 – S1600 Stationary traffic design live load.  
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(d) 2004 – M1600 Moving traffic design live load. 
Figure 5.6 Tensile steel stress vs. theoretical crack width for CS-1, considering 5N28 
and 7N24 reinforcing bars 
 
A summary of above graphs is provided in Table 5.8, where theoretically calculated crack 
widths for CS-1 are shown for the respective reinforcement types.  
 
Table 5.8 Summary of crack widths for CS-1 based on Model 1  
Year 
Truck 
Type 
Bending 
Moment (kN.m) 
(PL + UDL + 
SW) 
5N28 7N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 
H20-
S16-44 
323.65 309.73 0.31 301.99 0.29 
1992 L44 514.93 492.78 0.59 480.47 0.55 
2004 S1600 742.76 710.82 0.83 693.05 0.78 
2004 M1600 778.99 745.49 0.87 726.86 0.82 
 
Based on Model 1, CS-1 reaches the allowable critical crack width value, i.e. 0.3 mm during 
H20-S16-44 loading and within allowable yield strength, i.e. 345 MPa. But, at the 
introduction of L44 loading in 1992, imposed load generated flexural stresses beyond yield 
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limit, but lesser than tensile strength of steel. In addition, L44 also caused excessive cracking 
and exceeded the allowable critical crack width. Main concern developed at the introduction 
of S1600 and M1600 loading configuration. CS-1 surpasses the tensile strength of steel and 
allowable critical crack width when assessed for these loading configurations. Such trend is 
seen for both reinforcement configurations. According to this model having different 
reinforcement configurations does not influence the final maximum crack width. Asset 
owners cannot have such vital information, if they only follow present condition monitoring 
methods; therefore, it becomes crucial for them to understand this quantitative mechanism of 
bridge girders rather than relying on qualitative outcomes.     
 
5.3.3.2 Model 2 – R. J. Frosch 
For this model Equation 3.23 is used to establish maximum crack widths. A detailed 
discussion of the model is provided in Section 3.4.3. This model does not include creep 
coefficient and shrinkage strain as used in the previous model. Induced flexural stresses, as 
given in Table 5.7 are used for the analysis of CS-1, for two different set of reinforcements. 
Outcomes of the model are shown in Figure 5.7.  
 
(a) 1950 – H20-S16-44 design live load 
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(b) 1992 – T44 and L44 Loading. Only L44 is shown.  
 
 
 
(c) 2004 – S1600 Stationary traffic design live load.  
 
 
 
(d) 2004 – M1600 Moving traffic design live load.  
 
Figure 5.7 Tensile steel stress vs crack width for CS-1, for Model 2 
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Table 5.9 Summary of theoretical crack widths for CS-1 based on Model 2 
Year 
Truck 
Type 
Bending 
Moment (kN.m) 
(PL + UDL + 
SW) 
5N28 7N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 
H20-
S16-44 
323.65 309.73 0.21 301.99 0.21 
1992 L44 514.93 492.78 0.34 480.47 0.33 
2004 S1600 742.76 710.82 0.49 693.05 0.48 
2004 M1600 778.99 745.49 0.52 726.86 0.50 
 
Model 2 provides a crack width range of 0.21 mm to 0.52 mm for steel stress varying 
between 309.73 MPa to 745.49 MPa, since 1950. CS-1 reaches allowable critical crack 
width at the introduction of T44 and L44 loading in 1992. When girder is assessed for S1600 
and M1600 loading, CS-1 crosses the allowable critical crack width and tensile strength of 
steel. This model also does not reflect the great difference in crack widths when assessed for 
two different reinforcement configurations. Maximum crack width predicted for CS-1 is 0.52 
mm for 5N28 bars, which is close to 0.50 mm for 7N24 bars. Maximum predicted values for 
model 2 are relatively smaller than model 1 for both reinforcement configurations.   
5.3.3.3 Model 3 – Eurocode 2 
Eurocode 2 model has been accepted widely for designing and experimentation purposes of 
flexural members. This model is adopted for analysis because maximum crack width 
formula, i.e. Equation 3.24 is directly proportional to induced steel stress and mean tensile 
strain in reinforcement. It also accounts for the effect of concrete cover and area of concrete 
in tension zone. CS-1 is analysed using this model considering high bond bars which were 
used during construction and loading is applied for long term.  
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(a) 1950 – H20-S16-44 design live load 
 
 
(b) 1992 – T44 and L44 Loading. Only L44 is shown.  
 
 
(c) 2004 – S1600 Stationary traffic design live load.  
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(d) 2004 – M1600 Moving traffic design live load.  
 
Figure 5.8 Theoretical crack widths for CS-1, Model 3 
In order to simplify the discussion, crack width values for individual applied load and 
induced steel stress has been condensed in Table 5.10. 
Table 5.10 Theoretical crack width for CS-1 using Model 3  
Year 
Truck 
Type 
Bending 
Moment (kN.m) 
(PL + UDL + 
SW) 
5N28 7N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 
H20-
S16-44 
323.65 309.73 0.36 301.99 0.33 
1992 L44 514.93 492.78 0.59 480.47 0.55 
2004 S1600 742.76 710.82 0.87 693.05 0.80 
2004 M1600 778.99 745.49 0.91 726.86 0.84 
 
As per Model 3, CS-1 crack width varies between 0.33 mm to 0.91 mm, depending on the 
type of reinforcement used, for given steel stress range. Outputs of this model are considered 
to be higher, than the previous model (model 2) and provide an upper range of crack widths. 
This can be due to the range of coefficients used in the given formula for an accurate and 
precise answer.  
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5.3.3.4 Model 4 – S. H. Chowdhury 
This was model was developed within Australian region, hence it will be vital to assess the 
CS-1 based on the proposed formula, i.e. Equation 3.31. To determine theoretical crack 
widths aforementioned induced steel stress values were used, as it is directly proportional to 
maximum crack width, wmax. Before identifying maximum crack width, an average crack 
width is established first and later multiplied by 1.5, as suggested by Chowdhury. Figure 5.8 
provides the influence of increase in design live loads on CS-1 and shows the impact of 
increment as crack widths.  
 
 
(a) 1950 – H20-S16-44 design live load 
 
 
(b) 1992 – T44 and L44 Loading. Only L44 is shown.  
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(c) 2004 – S1600 Stationary traffic design live load.  
 
 
(d) 2004 – M1600 Moving traffic design live load.  
Figure 5.9 Theoretical crack width vs. steel stress for CS-1, Model 4 
Model 4 provide some interesting outputs and indicate the influence of using two different 
set of reinforcement bars. A summary of resultant crack widths is provided in Table 5.11. A 
difference of 0.06 mm was noticed initially between two set of reinforcements at 1950 
loading, whereas this difference rose up to 0.15 mm when CS-1 was assessed for 2004 
loading. For 1992 loading the difference was exact 0.1 mm. This shows the importance of 
using the right reinforcement configuration, along with spacing between bars and concrete 
cover. In addition, it also demonstrates the influence of bar diameter on crack widths. Asset 
owners can choose to assess a girder using several different reinforcement configurations, if 
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the original tensile reinforcement information is not completely available. Analysis also 
provides an insight into advantages and disadvantages of under-reinforced and over-
reinforced concrete bridge girders. The effect of reinforcement configuration remains 
undocumented and not presented in the visual inspection reports.  
Table 5.11 Theoretical crack widths for CS-1 based on Model 4 
Year 
Truck 
Type 
Bending 
Moment (kN.m) 
(PL + UDL + 
SW) 
5N28 7N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 
H20-
S16-44 
323.65 309.73 0.34 301.99 0.28 
1992 L44 514.93 492.78 0.54 480.47 0.44 
2004 S1600 742.76 710.82 0.78 693.05 0.64 
2004 M1600 778.99 745.49 0.82 726.86 0.67 
5.3.3.5 Model 5 – Gergely and Lutz 
Gergely and Lutz model is established based on several laboratory tests and statistical 
evaluation and adopted in US bridge design codes and manual. This model is widely used to 
design laboratory experiments and also to perform design checks. Model is shown in 
Equation 3.32 and used to assess CS-1. Main key parameters in this model which influence 
crack widths are, steel stress, bar diameter and concrete cover. To underline appropriate 
results two parameters are varied for the analysis of CS-1, i.e. induced steel stress and 
reinforcement bar diameter. Impacts of varying cover are presented in Chapter 6 using 
reliability analysis theory, which is based on given mean and standard deviations. Outputs 
for deterministic analysis are shown in Figure 5.8. 
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(a) 1950 – H20-S16-44 design live load 
 
 
(b) 1992 – T44 and L44 Loading. Only L44 is shown.  
 
 
(c) 2004 – S1600 Stationary traffic design live load.  
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(d) 2004 – M1600 Moving traffic design live load.  
Figure 5.10 Theoretical crack width for CS-1 using Model 5 
Outputs of CS-1 quantitative assessment has been summarised in Table 5.12.  
Table 5.12  Summary of crack widths for CS-1 using Model 5 
Year 
Truck 
Type 
Bending 
Moment (kN.m) 
(PL + UDL + 
SW) 
5N28 7N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 
H20-
S16-44 
323.65 309.73 0.30 301.99 0.26 
1992 L44 514.93 492.78 0.48 480.47 0.42 
2004 S1600 742.76 710.82 0.69 693.05 0.60 
2004 M1600 778.99 745.49 0.72 726.86 0.63 
 
Like Chowdhury’s model, this model also highlights the difference in projected crack widths 
due to two set of reinforcement bars. A difference of 0.09 mm, i.e. approximately 0.1 mm is 
noticed when the girder is assessed using M1600 and S1600 loading and 0.06 mm was 
documented for 1950 and 1992 loading configurations. Further, girder reaches its allowable 
critical crack width limit in 1950 and increases with time.   
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5.3.4 Discussion 
Theoretical crack widths are estimated and compared for CS-1 using five different crack 
width prediction model and results are plotted from Figure 5.6 to 5.10. The predicted 
increasing crack width, by each model shows a similar trend with some degree of variability 
in the values predicted. The possible explanation for the variability of the outcomes can be 
associated with the empirical nature of the selected models. From an application point of 
view, the variability apparent in Figure 5.11 clearly demarcates the upper bound and lower 
bound predicting models, leaving the user to make an informed decision. In addition, two 
different set of reinforcement configurations, 5N28 and 7N24, are used to cover a range of 
bridge girders and also, to assess the girder under two possible scenarios. A summary of 
crack widths for 5N28 bars have been outlined in Table 5.13 and Figure 5.11.  
Table 5.13 Summary of theoretical crack widths for CS-1 for 5N28 bars 
Year 
Steel 
Stress, σst  
(MPa) 
Crack width, wmax (mm) – 5N28 Bars 
M1 M2 M3 M4 M5 
1950 309.73 0.31 0.21 0.36 0.34 0.30 
1992 492.78 0.59 0.34 0.59 0.54 0.48 
2004 710.82 0.83 0.49 0.87 0.78 0.69 
2004 745.49 0.87 0.52 0.91 0.82 0.72 
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Figure 5.11 Crack widths due to change in steel stress for CS-1. 
 
As per the table, girder is expected to have minimum crack width (i.e. 0.21 mm) for 1950 
loading using M2, but, as per M3 it produces maximum crack width (i.e. 0.91 mm) when 
assessed for 2004 loading. CS-1 has also been assessed using 7N24 bars, a complete 
summary of the crack widths is provided in Table 5.14 and Figure 5.12.  
Table 5.14 Summary of theoretical crack widths for CS-1 
Year 
Steel 
Stress, σst  
(MPa) 
Crack width, wmax (mm) – 7N24 Bars 
M1 M2 M3 M4 M5 
1950 301.99 0.29 0.21 0.33 0.28 0.26 
1992 480.47 0.55 0.33 0.55 0.44 0.42 
2004 693.05 0.78 0.48 0.80 0.64 0.60 
2004 726.86 0.82 0.50 0.84 0.67 0.63 
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Figure 5.12 Crack widths due to change in induced steel stress for CS-1 
 
For 7N24 bars, minimum crack width is calculated by M2, i.e. 0.21 mm and maximum is 
also projected by M3, i.e. 0.84 mm, but at different steel stress level than 5N28 bars. This 
happens because of change in reinforcement configuration. Now similar analysis is 
performed for other case studies as well, i.e. CS-2, CS-3 and CS-4. Their outputs are shown 
in Appendix C.  
 
5.3.4.1 Induced Steel Stress beyond Tensile Strength 
Figures 5.7 to 5.10 show higher than expected flexurally induced tensile stresses within the 
reinforcements, which are directly related to crack width, resulting from imposed traffic 
loads higher than the original design loads. The calculated values surpass the yield strength 
and tensile strength of the design steel, i.e. 345 MPa and 550 MPa, respectively. Generally 
speaking, the design flexural stresses are expected to be well within the allowable stresses to 
satisfy strength criteria under ultimate loads and the deflection is expected to be within the 
allowable limits under serviceability loads. It is clear that the analysed CS-1 girder is not fit 
to be in service unless the bridge is marked for load restricted access, i.e., this girder is 
deemed to be in non-compliance under the specified loads of 1992 and 2004. The only 
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conceivable argument for this girder to be in service may come from the fact that WSM 
design having residual and over strength characteristics discussed in Section 4.5. Some 
studies show that up to 60% over-strength is possible considering the chosen design method, 
strain hardening of steel and concrete strength gain over large periods (Harries et al., 2011). 
However, in the range of utilising inherent over strength, the girder has to undergo further 
cracking which not only mean significant drop in stiffness but also shortening it’s 
serviceable life as the cracks are wide enough to encourage corrosion. It must be noted that 
Figures 5.11 presents a linear relationship beyond the steel tensile strength, purposely done, 
to illustrate the extreme situation if CS-1 girder experience S1600 and M1600 loads. If these 
curves to be used in practice, beyond tensile strength, an elastic-plastic envelope can be re-
constructed by drawing a line parallel to the Y axis, corresponding to the tensile stress, 
550MPa given in Table 4.2. Reported stress levels and crack widths given in Figures 5.11 
are resulting from specified point axle loads and uniformly distributed loads specified in 
1992 and 2004 revised traffic loads.  
In practice, as mentioned, a bridge girder designed in 1960 may be restricted in experiencing 
such excessive loads. The intension of the researcher is to illustrate the significance of such 
information, made available to the asset owner, on case by case basis. It is expected, further 
research on this approach could yield a suit of structural assessment tools, which can be run 
on hand-held computers on site, which could generate for more scientifically defendable data 
acquisition modes for maintenance and condition monitoring.   
 
5.4 Theoretical Age of Intervention (TAoI) 
Theoretical Age of Intervention (TAoI) is a term and mechanism that the author introduces 
in this research. TAoI is defined here as, theoretically identifiable age of intervention which 
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predicts cracks within a girder reaching a structurally critical stage, which may not be 
necessarily visible to human eye. TAoI would provide a reasonable lead time for an asset 
owner as a sufficient buffer for proactive and informed renewal forecasting. Here, 
structurally critical stage means, cracks are wide enough to trigger chloride ingress and 
carbonation which initiate corrosion setting, triggering a vicious cycle of stiffness and 
strength degradation, without timely intervention. Visual condition monitoring data can be 
supplant and examined by this deterministic theoretical simulation. As mentioned before, 
inspection of the soffit of bridge girders is a challenging task especially from a distance. 
Sometimes locations of cracks and severe deteriorations do not get recorded due to physical 
constraints prevails at the site, which is also observed by the author on the several site 
inspections. Therefore, to verify any subjectiveness of recorded data, the proposed 
methodology can be used to examine location and severity of cracks. Once theoretically 
predicted crack width value crosses the threshold figure, i.e. structurally critical crack width, 
bridge can be tagged for in-detail visual inspection or cost effective protective measures can 
be taken to avoid any future deterioration. EuroCode2 (Mosley et al. 2007) and Gilbert and 
Ranzi (2011) suggest 0.3 mm as the critical crack width. Whereas, American Concrete 
Institute (ACI 2001) specify 0.41 mm as critical crack width.  
Recommended mechanism is expected to provide assistance to asset owner in precautionary 
and cost effective amelioration techniques, such as, protective coatings. It facilitates the 
owner to predict the crack width of bridge girder at any time economically, without 
completely relying on the visual condition inspectors to detect them. In addition, it helps in 
identifying the present condition of aging structure in-service, whose preceding inspection 
inventory is not well maintained. Methodology to find Theoretical Age of Intervention is 
demonstrated using theoretical time-series behaviour of a rectangular R/C section, 
representing a bridge girder under increasing load beyond originally designed.  
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5.4.1 How to establish TAoI 
The performance of CS-1 bridge girder using different models is being presented and 
discussed in Figure 5.12. The Figure 5.13 is a modified version of the same incorporating 
road structures inspection manual condition monitoring states 2, 3 and 4. The purpose of this 
modification is to demonstrate the process of establishing theoretical age of intervention 
(TAoI).  
 
Figure 5.13 Crack width vs. steel stress and TAoI 
Road structures inspection manual condition monitoring states 2, 3 and 4 directly refer to 
three cracking zones. As discussed in Section 2.2.1, the Condition state 2 is known as fine 
cracking zone where crack width range from 0.1 to 0.3 mm. Condition state 3 is known as 
medium cracking zone ranging between 0.3 mm to 0.7 mm and Condition state 3 is heavy 
cracking zone with a range of 0.7 mm and beyond. Also, these zones are used in visual 
inspection to decide the condition state of the bridge girder by an experienced bridge 
inspector and document in condition reports. The theoretical estimation and prediction of 
crack width proposed in this study is, as mentioned before, intend to quantify and 
supplement the field inspection data.  
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To explain TAoI further, let’s examine the CS-1 bridge girder reaching the critical crack 
width of 0.3mm, beyond which the girder is regarded as passing Condition state 2 to 
Condition state 3. For instance the asset owner may need to qualify CS-1 bridge girder for 
1992 design load provisions. In this situation, as per Figure 5.13, the CS-1 bridge girder 
cracking widths would reach 0.33mm to 0.55mm suggesting the girder is in Condition state 
3 category. Asset owner may tag the girder for in-detail structural assessment providing 
sufficient lead time for maintenance forecasting.  
As evident from Figure 5.13, the crack width estimations using proposed five models shows 
significant variation. Model M3 seem to yield a lower bound result, whereas the estimations 
by model M2 provide an upper bound value of theoretical age of intervention. This would 
result in the variability of theoretical age of intervention as well. As the recommended 
critical crack width in literature varies from 0.15mm to 0.41mm, as given in Section 3.5, the 
owner can make an informed decision within a range of theoretical age of intervention. 
Considering this bridge girder is situated in Victoria, the asset owner’s informed decision 
has to be guided by the road structures inspection manual.  
But, on the other hand, these values never get documented in the visual inspection reports as 
it is very difficult to establish critical crack widths from a distance. This shows a major flaw 
in visual condition monitoring method. 
5.5 Comparison of Estimated Crack Widths with Site 
Observations 
The following section discusses the site conditions and compares it with analytical outcomes 
of CS-1. Case study was inspected by author to collect photographic evidences. The 
remaining case studies are presented in Appendix B to D.   
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In this exercise, researcher was assisted and guided by two local maintenance staff members 
who are experienced in condition assessment. Visual condition inspection was carried out on 
CS-1 bridge girders according to road structures inspection manual and collected 
photographic evidences of cracks existed on all the bridge girders. CS-1 bridge deck 
comprised of 8 U-Slab bridge girders. The data gathering only involved girders under the 
carriage width excluding two edge girders. The crack observations reported here are the 
cracks observed within approximately middle fifth of the span. The inspection was carried 
out in February 2013, during the summer, where the bridge deck could be closely observed 
from underneath at the mid span, due to dry season. Special emphasis was given to the 
recording of cracks being within the tension zone of the girder closer to mid span. Any crack 
suspected of being largely influenced by the corrosion evident from the residue of corrosion 
substances was excluded for the fact that theoretical crack width estimations explained 
before does not include corrosion induced cracking. This was the case for all four case 
studies.  
Collected photographic evidence, plates 1 to 5, is given below for CS-1. Figure 2.3 of road 
structures inspection manual (refer section 2.2.1) was used as a guide to visually estimate the 
crack width, as it would be done on site by an inspector, which defines the severity of crack 
widths based on visual appearance. According to the photographic evidence, the bridge 
girder showed significantly noticeable cracking in the mid span quite compatible with 
theoretical estimations discussed in previous sections. In some cases, advanced state of 
corrosion induced cracking was evident but ignored as they were outside the scope of this 
study. These photographic evidences are provided in Figure 5.14. 
These observations were then benchmarked against the condition monitoring reports made 
available by the council. It is interesting to note, last inspection carried out in August 2012 
of the same bridge (as given in Section 2.2.1) was indicated that the bridge was in Condition 
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State 1 with 100% condition rating. This means only fine cracks of less than 0.1mm could 
have been noted. This seems to be an anomaly which could have resulted due to number of 
reasons, the most probable being the visual inspectors may not have had access underneath 
the bridge deck, due to that being done during winter of 2012. As mentioned before, this 
research is aimed at minimising such anomalies in decision process where a very cost 
effective theoretical approach could inform the asset owner the status of the bridge in 
addition to visual inspection data. Similar situation was observed for all case studies 
examined, as shown in Appendix B to D.     
 
(a) Plate 1 - Cracks of CS-1 midspan (estimated to be 0.1mm to 0.35mm) 
 
 
(b) Plate 2- Cracks of CS-1 midspan  (estimated to be 0.1mm to 0.4mm) 
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(c) Plate 3 – Cracks of CS-1 mispan (estimated to be 0.1mm to 0.5mm) 
 
 
 
(d) Plate 4 – Cracks of CS-1 midspan (estimated to be fine to medium cracking)   
 
(e) Plate 5 – Cracks of CS-1 midspan (estimated to be medium cracking)   
Figure 5.14 Photgraphic evdences of crack widths for CS-1 at midspan 
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CS-1 cracks are result of time dependent effects, as discussed in Section 3.2 and have been 
highlighted in number format for each individual plate. These numbers signify the location 
of cracks and possible crack widths, which are assessed based on the visual guide of cracks, 
as shown in Figure 2.3. As per the photographic assessment, crack widths for CS-1 range 
from fine cracking to medium cracking (i.e. 0.1mm to 0.7mm) for plates 1 to 5. On the other 
hand, as per Figure 5.13, theoretically established crack widths for CS-1 vary between 
0.46mm and 0.88mm for 2010 loading and 7N24 bars. Outcomes of 2010 loading are used 
for comparison because they incorporate the increase in load since the design of CS-1. A 
good agreement is witnessed between theoretically established crack widths and on-site 
recordings.  
This comparison is done to establish a relationship between proposed hypothesis and on-site 
condition monitoring data recording technique. Comparisons can also assist asset owners to 
tag the bridge girder for in-detail inspection, if crack widths cross the threshold value. It will 
also assist in developing capital forecasting and maintenance programmes based on 
theoretical values.   
5.6 Compliance Indicator 
Compliance indicators are developed to determine the compliance and effectiveness of a 
calculated value against the expected or regulatory value. For this dissertation, compliance 
value is related to the crack width values of a bridge girder. Compliance indicators can be 
established based on the requirement of the owner. For example, to develop the compliance 
factor for a bridge girder, quantitative crack width is divided by expected crack width values, 
i.e.  
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Compliance value suggests the extent of current condition of the component against the 
regulatory and expected value. A bridge girder is considered compliant if compliance 
indicator is less than one and can be considered safe to service with no requirement of 
remedial work. However, if compliance is above one for a given regulatory value then owner 
should consider tagging the bridge for further in-detail inspection.  
Calculated crack widths are quantitative values, which are established based on the history of 
applied load, as shown in Chapter 3 and 5. Regulatory crack widths signify upper bound 
value of crack widths given in Vic Roads Inspection Manual for visual inspectors to examine 
the severity of cracking. Manual also provides probable appearance of the cracks to assist 
visual inspectors for most accurate decisions, as shown in Figure 2.3.  
To demonstrate the application of compliance approach, author selected deterministic and 
statistical results of case study 1 and model 1, as shown in Table 5.15. Table presents crack 
widths on the girder over a duration of time due to the applied and design load. Table also 
presents statistical crack width values, which have been established in Chapter 6, using 
statistical parameters for a confidence level between 5% to 95%.  
Table 5.15 Deterministic and statistical crack width for case study 1 and M1 
Deterministic 
Year of Loading  1950 1992 2004 2004 Average 
Crack width (mm) 0.29 0.55 0.78 0.82 0.61 
Statistical 
Confidence Level  5% 50% 75% 95% Average 
Crack width (mm) 0.16 0.53 0.71 0.95 0.59 
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To establish the compliance for the calculated values for each condition state, the author uses 
upper bound regulatory value. Condition states share common signs of distress, such as 
crack widths, but with different extent of damage. Table 5.16 shows compliance values for 
each condition state. 
Table 5.16 Compliance values for case study 1 and Model 1 
Condition State 1: Upper Bound Crack Width = 0.1mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 2.9 5.5 7.8 8.2 
Statistical  5% 50% 75% 95% 
Compliance Indicator 1.6 5.3 7.1 9.5 
Condition State 2: Upper Bound Crack Width = 0.3mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.97 1.83 2.60 2.73 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.53 1.77 2.37 3.17 
Condition State 3: Upper Bound Crack Width = 0.7mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.41 0.79 1.11 1.17 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.23 0.76 1.01 1.36 
Condition State 3: Upper Bound Crack Width = 1.0mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.29 0.55 0.78 0.82 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.16 0.53 0.71 0.95 
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For the ease of interpretation of Table 5.16, let’s consider the visual inspection results of the 
case study. As per the inspection report, measured and recorded crack widths fall in the 
range of 0.1 to 0.7, i.e. Condition State 1, 2 and 3. By comparing these values with the 
compliance factor, it is safe to say that structure has a range of crack widths that fall in 
condition state 1. On the other hand, for condition state 2, loading beyond 1992 results in 
cracking more than 0.3mm and for condition state 3; it is the design loading, i.e. 2004 
loading which causes 0.7mm of crack width.  
This suggests that the bridge has more likelihood of having Condition State 1 and Condition 
State 2 cracking between 0.1 to 0.3mm cracking, rather than upper bound value of condition 
state 3. However, if bridge is restricted to 1992 loading then the condition of the girder can 
be maintained without excessive cracking. Asset owners can use the compliance values as a 
precautionary measure and use the outcomes to supplant decision making for capital works 
program and maintenance forecasting. At this stage, this bridge girder is not compliant and 
more prone to excessive cracking beyond 0.7mm if 2004 design load is applied. According 
to, AS5100.7, all the bridges are meant to be assessed for 2004 design loading and if a 
component does not comply with minimum serviceability requirements then it should be 
tagged for more detailed inspection or remedial measures to reinstate the condition of the 
component.  
Such method can also assist in establishing the overall effectiveness of the structure with 
more refined and detailed calculations. This methodology provides a more informed and 
quantitative assessment tool to asset owner to decide when to inspect the structure in detail 
and intervene for more detailed inspection and assessment. Occasionally councils have 
financial limitations and this model enables councils to effectively allocate the budget based 
on the effectiveness and compliance of the component. For example, if a bridge does not see 
SM1600 loading or equivalent then a bridge can be load limit to 1992 loading and bridge can 
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be left untagged for detail inspection until next regular inspection is carried out, unless any 
major or obvious signs are visible.  
5.6.1 Compliance factors for case study 1 using Model 2 to 5  
Case study 1 has been assessed using 5 different models. Compliance results for models 2 to 
5 are shown here.  
Case Study 1 – Model 2  
Table 5.17 Deterministic and statistical crack widths and compliance indicator for 
case study 1, Model 2 
Deterministic 
Year of Loading  1950 1992 2004 2004 Average 
Crack width (mm) 0.21 0.33 0.48 0.5 0.38 
Statistical 
Confidence Level  5% 50% 75% 95% Average 
Crack width (mm) 0.19 0.5 0.67 0.8 0.54 
 
Condition State 1: Upper Bound Crack Width = 0.1mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 2.1 3.3 4.8 5 
Statistical  5% 50% 75% 95% 
Compliance Indicator 1.9 5 6.7 8 
Condition State 2: Upper Bound Crack Width = 0.3mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.70 1.10 1.60 1.67 
Statistical  5% 50% 75% 95% 
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Compliance Indicator 0.63 1.67 2.23 2.67 
Condition State 3: Upper Bound Crack Width = 0.7mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.30 0.47 0.69 0.71 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.27 0.71 0.96 1.14 
Condition State 3: Upper Bound Crack Width = 1.0mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.21 0.33 0.48 0.50 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.19 0.50 0.67 0.80 
 
Case Study 1 – Model 3  
Table 5.18 Deterministic and statistical crack widths and compliance indicator for 
case study 1, Model 3 
Deterministic 
Year of Loading  1950 1992 2004 2004 Average 
Crack width (mm) 0.33 0.55 0.80 0.84 0.63 
Statistical 
Confidence Level  5% 50% 75% 95% Average 
Crack width (mm) 0.3 0.75 1.0 1.3 0.84 
 
Condition State 1: Upper Bound Crack Width = 0.1mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 3.3 5.5 8.0 8.4 
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Statistical  5% 50% 75% 95% 
Compliance Indicator 3.0 7.5 10.0 13.0 
Condition State 2: Upper Bound Crack Width = 0.3mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 1.10 1.83 2.67 2.80 
Statistical  5% 50% 75% 95% 
Compliance Indicator 1.00 2.50 3.33 4.33 
Condition State 3: Upper Bound Crack Width = 0.7mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.47 0.79 1.14 1.20 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.43 1.07 1.43 1.86 
Condition State 3: Upper Bound Crack Width = 1.0mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.33 0.55 0.80 0.84 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.30 0.75 1.00 1.30 
 
Case Study 1 – Model 4  
Table 5.19 Deterministic and statistical crack widths and compliance indicator for 
case study 1, Model 4 
Deterministic 
Year of Loading  1950 1992 2004 2004 Average 
Crack width (mm) 0.28 0.44 0.64 0.67 0.50 
Statistical 
Confidence Level  5% 50% 75% 95% Average 
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Crack width (mm) 0.25 0.65 0.86 0.97 0.68 
 
Condition State 1: Upper Bound Crack Width = 0.1mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 2.8 4.4 6.4 6.7 
Statistical  5% 50% 75% 95% 
Compliance Indicator 2.5 6.5 8.6 9.7 
Condition State 2: Upper Bound Crack Width = 0.3mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.93 1.47 2.13 2.23 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.83 2.17 2.87 3.23 
Condition State 3: Upper Bound Crack Width = 0.7mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.40 0.63 0.91 0.96 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.36 0.93 1.23 1.39 
Condition State 3: Upper Bound Crack Width = 1.0mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.28 0.44 0.64 0.67 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.25 0.65 0.86 0.97 
 
Case Study 1 – Model 5  
Table 5.20 Deterministic and statistical crack widths and compliance indicator for 
case study 1, Model 5 
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Deterministic 
Year of Loading  1950 1992 2004 2004 Average 
Crack width (mm) 0.26 0.42 0.6 0.63 0.48 
Statistical 
Confidence Level  5% 50% 75% 95% Average 
Crack width (mm) 0.25 0.55 0.78 0.97 0.64 
 
Condition State 1: Upper Bound Crack Width = 0.1mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 2.6 4.2 6.0 6.3 
Statistical  5% 50% 75% 95% 
Compliance Indicator 2.5 5.5 7.8 9.7 
Condition State 2: Upper Bound Crack Width = 0.3mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.87 1.40 2.00 2.10 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.83 1.83 2.60 3.23 
Condition State 3: Upper Bound Crack Width = 0.7mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.37 0.60 0.86 0.90 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.36 0.79 1.11 1.39 
Condition State 3: Upper Bound Crack Width = 1.0mm 
Deterministic  1950 1992 2004 2004 
Compliance Indicator 0.26 0.42 0.60 0.63 
Statistical  5% 50% 75% 95% 
Compliance Indicator 0.25 0.55 0.78 0.97 
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5.7 Proposed Bridge Girder Assessment Framework  
Figure 5.15 presents a proposed bridge girder assessment framework, in which the current 
visual condition monitoring can be supported by a theoretical deterministic assessment 
approach as discussed in this chapter. The left half of the process mapped in Figure 5.15 is 
the current practise, whereas the right half of the framework indicates the hypothesis 
developed in this dissertation. It is argued here, that the most critical condition interface for 
timely intervention is the ability to pre-empt crack widths reaching critical values which has 
significant impact on corrosion initiation and progression. Any assistance in supplementing 
information to establish this critical interface where timely intervention could extend the life 
of a bridge girder is considered invaluable.  
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Figure 5.15 Proposed decision-making framework 
 
As indicated by the left half of the framework the current practise is limited to asset owners 
using qualitative condition monitoring outcomes in their decisions. This established practise 
is evident by typical inspection report given in Section 2.2.1. The proposed theoretical 
assessment pathway indicated on the right half of the framework intends to establish a cost 
effective theoretical assessment, which is based on proven time or stress dependent crack 
width prediction models. This process requires the asset owner to acquire and maintain 
approved construction and as built drawings of their bridge girders, as well as, loading 
history or current code provisions which they need to comply with and the ability to 
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establish the compatibility of different limit state conditions and resulting over-strengths. 
Two processes, as indicated, shall run parallel to each other over the asset’s life 
complementing each other in establishing more reliable condition status. As discussed 
before, the direct outcome of proposed framework is to provide a theoretical underpinning to 
the crack widths observed on site and calibrating theoretical predictions and crack widths 
observed on site.  
Developing a decision making tool combining both parallel processes indicated in the frame 
work is outside the scope of this research and could be recommended for further research.   
As illustrated before the site observations and theoretically predicted crack widths seem to 
have significant variability as expected. It is essential to conduct a reliability assessment of 
the outcomes in order to provide the asset owner with a degree of flexibility as to what 
confidence level the predicted crack widths indicate, as well as, to provide scientifically 
based approach for them to quantify what risk level they choose to operate in. The Chapter 6 
demonstrates the process using case study 1.   
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Chapter 6                                                       
Reliability Assessment of Crack Width Predictions  
6.1 Introduction  
Many asset owners are limited in resources to manage their assets with informed status of 
risk and reliability. In addition, part of the issue is the training and tools available to them do 
not necessarily cover required in-depth knowledge in application. This is an area currently 
getting wider acceptance in asset maintenance regime. Decision support tools underpinning 
risk and reliability estimations are lacking in current practise. This chapter investigates and 
presents the procedure to treat deterministic theoretical assessment outcomes using 
reliability method in predicting crack width as an indicator of asset condition. As per, Faber 
and Stewart (2003), both analysis belong to multidisciplinary engineering fields and require 
strong basis in civil engineering sector, along with detailed understanding of risk analysis, 
decision analysis and probability. In broad term, risk analysis is performed to assess the 
impact of any risk on decisions, which means, it is conducted to systemically use the 
available information to identify the frequency of occurrence for a specific event and 
magnitude of their consequences (Palisade, 1984). In structural design it is a well-established 
practise to use reliability methods in establishing variations in design loads and material 
safety factors (Hamutçuoğlu & Scott, 2009). In this dissertation, the similar approach is 
attempted in establishing the confidence level of the estimated theoretical crack width using 
statistical variability of load demands, as built structural dimensions and allowable material 
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strengths. As demonstrated in Chapters 3 and 5, the five crack width perdition models (M1 
to M5), in comparison, have also considerable variability in their final estimated values. 
The reliability of the predicted crack widths is influenced by three main sources of 
variability. Firstly, the variability of the crack width predictions by these five models show a 
significant scatter probably due to the empirical nature, simplifications and assumptions 
which may have come to effect during their development. This variability is illustrated and 
discussed in Section 5.3, where the variability in predicted crack width for a given stress 
value is notable. Secondly, the input parameters inherit variability due to material grades, 
construction tolerances and design and detailing practices. Thirdly, variability of the 
externally applied loads experienced during the service life of a bridge girder. The reliability 
analysis procedures, in general, refer to known inputs and uncertain inputs, which are 
discussed through the following sections in detail. 
The procedure in establishing the reliability of the theoretically predicted crack widths, for a 
given situation, is demonstrated using case study 1 (CS-1). The analysis is carried out by 
assessment tool @RISK, which uses Monte Carlo Simulation reliability assessment 
technique, as discussed through the following sections. The proposed reliability assessment 
provides the statistical justification to the theoretically established crack width results. The 
bridge girder assessment framework, discussed in Section 5.6, is upgraded to include the 
reliability assessment as given in Section 6.6.  
 
6.2 Reliability Analysis 
Reliability methods for structural design have been used over many years. The use of 
reliability methods in condition evaluation is gaining wide acceptance. Structural 
management of bridges through reliability methods have been gaining acceptance over the 
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last decade (Kong & Frangopol, 2004). This is because a large proportion of bridges are 
aging worldwide and demand repair or replacement. For example, in Australia, 50% of 
bridges are over 50 years old and one of the Australian States, NSW (New South Wales) 
requires $350,000,000 for urgent strengthening or replacing the faulty bridges (Stewart & 
Val, 1999). For reliability analysis, theory of probability is used to quantify the reliability 
outcomes. Reliability analysis also includes time-variant characteristic which depends on the 
history of applied load and residual strength of the structure elements, such as, bridge girders 
(Enright & Frangopol, 1998a). In addition, it presents a rational approach to compare the 
possible consequences of decisions made under low certainty. A brief introduction of 
reliability analysis is already provided in Section 4.3.1, which describes the application of 
reliability in limit state design philosophy. What is proposed here is a decision support 
provision, which is a combination of statistically treated theoretical outcomes of distress 
signals (crack widths) of aging bridge girders. These outcomes are established using Monte 
Carlo Simulation technique.    
 
6.2.1 Monte Carlo Simulation 
Monte Carlo simulation is a numerical method which is adopted in multidisciplinary 
engineering fields due to its wide application and flexible characteristics. It is a proven 
method in accounting for variability involved, especially when large numbers of parameters 
are involved. Final statistical outcomes are established through a number of iterations using 
combination of random numbers, for a given probability distribution function. Widely 
acknowledged computer software @RISK uses Monte Carlo Simulation in establishing 
statistical outcomes, risk and reliability. The following section demonstrates its applicability 
in establishing the reliability of theoretically established crack widths of all four case studies.  
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Monte Carlo Simulation involves two key steps, i.e.  
1. Generating a random number.  
2. Transforming the random number into a statistical outcome using probability 
distribution function.  
A difference in iteration and simulation is well defined by Yoe (2011); 
Iteration: One recalculation of the designed model during one simulation. Uncertain 
variables are sampled once during iteration according to the given probability distributions. 
The sampled values are used to complete the model’s calculations.  
Simulation:  A collection of iterations, i.e., a technique for calculating a model 
output value many times with different input values. The purpose of a simulation is to get a 
complete range of all possible scenarios and their resulting outputs. 
 
Pre-processing and Post-processing of Data Using @RISK Tool   
@RISK is a user friendly and efficient software tool which uses Microsoft Excel coding and 
requires the user to develop pre and post processing data templates using Microsoft Excel. In 
doing so, user has to provide input data and the crack width formula for each given situation. 
Input data is subdivided into two categories, namely, ‘known’ and ‘uncertain’. Known inputs 
are treated as inputs with can be considered as having negligible variability or known to be a 
constant, whereas, uncertain inputs are parameters with a known probability distribution, 
defined by the mean and the standard deviation. Program also requires user to provide the 
crack width formulae of M1 to M5. A probability distribution function (PDF) is shown by a 
curve of continuous random variable and area under that curve is used to generate random 
values. There are several probability distribution functions which a user can select based on 
the uncertainty and type of data. In this dissertation, uncertain data is treated as having a 
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normal probability distribution function, as shown in Figure 6.1, which can be defined by a 
mean and standard deviation in the program. The typical outcome of the analysis, as shown 
in Figure 6.1, is the normal probability distribution function of the crack width for a given 
girder. The @RISK program automatically post processes outcomes in the way of a normal 
distribution as indicated above.   
 
Figure 6.1 A normal probability distribution function for ‘uncertain’ inputs 
 
Reliability assessment tool is easy to develop and only requires some basic information, as 
mentioned above. An asset owner can develop this assessment tool by following certain 
steps, as shown in Figure 6.2. This dissertation limits the explanation to bridge girders; 
however, same principle can also be used for the assessment of other structural components 
as well, using relevant known inputs, uncertain inputs and formulae.  
This assessment procedure is repeated for all four case studies for crack width prediction 
models, M1 to M5. To demonstrate the application of program, author assesses CS-1 in 
detail and compares the statistical outcomes with theoretically established crack widths. 
Assessment of case study 1 is explained in following section. Subsequent sections also 
discuss the possible application of this assessment method at regional council level and how 
an asset owner can use this method for informed decision making.   
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1. Decide known and uncertain inputs 
2. Define probability distributions for uncertain inputs
3. Develop an assessment tool, using all inputs and 
formulae which provide final outcomes
4. Select an output cell for @RISK to maintain the 
results
5. Make necessary changes in @RISK settings as per requirement, 
such as, number of simulations and iterations
6. RUN the simulation
 
Figure 6.2 Steps to develop a reliability assessment model 
 
6.3 Case Study 1  
Reliability assessment tool is developed for CS-1, using steps provided in Figure 6.2. All 
five models (M1 to M5) were assessed individually using known inputs, uncertain inputs and 
respective crack width formulae. Known inputs were not similar for all the models. 
Although, each model had some common known inputs and same values were used for the 
assessment purposes. Logics and formulae of each model were used in the same way as used 
in Chapter 5, except, few inputs were treated as uncertain inputs. Statistical information of 
uncertain inputs is provided in the subsequent section. Statistical outcomes of the analysis 
are presented as histograms along with normal fit probability distribution, which helps in 
evaluating the level of fit.  
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6.3.1 Known and Uncertain Inputs for CS-1  
As mention above, models had some common known inputs which remain unchanged during 
the reliability assessment are shown below. Remaining known inputs, which are relevant for 
the respective model are discussed and presented in the discussion of each model 
assessment, i.e. from Sections 6.3.2 to 6.3.6.   
 Depth of the girder, D 
 Width of the girder, b  
 Elastic modulus of steel and concrete, Es and Ec 
 Length of the girder, L 
 Compressive strength of concrete, f ’c 
 Neural axis depth, dn 
From all the inputs, author selected three uncertain inputs to conduct the reliability 
assessment, namely:  
 Area of tensile steel (Ast)  
 Imposed live load   
 Concrete cover (c)  
These uncertain inputs are chosen based on the parametric analysis, regular meetings with 
participating councils and literature review. According to, Piyasena et al. (2004),  Hwang et 
al. (2013), Tabsh and Nowak (1991), Prakash Desayi and Rao (1987) & Makhlouf and 
Malhas (1996), these inputs are considered as the most influential parameters which affect 
the performance of the bridge girder and resultant crack widths. All crack width models (M1 
to M5) include these uncertain inputs in the crack width formula. This provides uniformity in 
the final statistical outcomes and is used effectively in the reliability assessment. After 
identifying the uncertain inputs, individual probability distribution functions were 
established, based on the information provided in the literature. As mentioned above, normal 
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distribution functions are used for the uncertain inputs, which require respective standard 
deviation (σ) and mean value (μ). These values are provided in Table 6.1 with relevant 
references. Same statistical information is used for the assessment for remaining case studies 
as well, i.e. CS-2 to CS-4. Similar to deterministic analysis, CS-1 is assessed for two 
reinforcement configurations, i.e. 7N24 bars and 5N28 bars.  
Table 6.1 Statistical information for uncertain variable for CS-1 
Uncertain variable Mean (μ) 
Standard 
Deviation (σ) 
Reference 
Live Load (Point 
Load) 
240 kN 96 (Stewart & Val, 2003) 
Live Load (Uniformly 
Distributed Load) 
12.95 kN/m 6.78 
Based on change in design 
loads 
Area of Tensile Steel 
Actual Area 
(mm
2
) 
0.05 * μ (Mirza & MacGregor, 1982) 
Concrete Cover 56 mm 11.5 (Zhu et al., 2008) 
6.3.2 Model 1 – R. I. Gilbert 
To assess CS-1 using Model-1, Equation 3.19 is used to develop reliability model. This 
model had some uncommon known inputs, namely, creep coefficient, φ (t,τ), shrinkage strain 
εsh, area of concrete in tensile zone Act and bond shear stress between steel and surrounding 
tensile concrete, τb. These inputs are used in conjunction with common inputs for reliability 
analysis. Table 6.2 provides the value for all known inputs used for the assessment of CS-1 
using M1.  
Table 6.2 Known inputs and its values for CS-1 using Model 1 
Known Input  Value  Known Input  Value 
b(mm) 409.68 Ec (MPa) 25978 
D (mm) 444.50 φ(t,τ) 2.30 
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d (mm) 393.70 Ee (MPa) 7836.80 
L (mm) 9140.00 ne 25.52 
Act (mm
2
) 57266.24 f
’
c (MPa) 30 
εsh 0.000422 τb 3.29 
Es (MPa) 200000 smax (mm) 253.39 
 
 
Values of uncertain inputs are taken from Table 6.1. While analysing the bridge girder using 
reliability analysis, induced steel stress is calculated for the combination of point load and 
uniformly distributed load. Analysis is performed using 10,000 iterations and 1 simulation to 
consider all probabilities for theoretically established crack widths. Also, 95% confidence 
level is used in analysis, which signifies that the estimated mean should be 95% accurate for 
each output. Same assessment settings are used for other remaining models as well, i.e. M2 
to M5. Statistical outcomes of the analysis are presented as histogram, along with a normal 
distribution fit. Figure 6.3 (a) and (b) provide statistical outcomes for 7N24 and 5N28 bars, 
respectively.  
 
(a) Statistical outcomes for CS-1 and 7N24 bars using M1  
182 
 
 
(b)   Statistical outcomes for CS-1 and 5N28 bars using M1 
Figure 6.3 Statistical outcomes of crack width analysis for CS-1 using Model 1 
 
As per Figure 6.3, crack width for 7N24 bars ranges between 0.159 to 0.952 mm, whereas, 
for 5N28 it varies between, 0.168 to 0.988 mm. Analysis also provides relevant mean and 
standard deviation for respective bar configurations. A summary of the calculated values is 
provided in Table 6.3. These statistical outcomes are then compared with theoretically 
established crack widths.  
Table 6.3 Calculated mean and standard deviation for CS-1 using Model 1 
Statistical Information 7N24 5N28 
Mean (μ) 0.54 0.58 
Standard Deviation (σ) 0.24 0.25 
 
6.3.3 Model 2 – R. J. Frosch  
Equation 3.23 is used to develop a reliability assessment tool for CS-1 using Model 2. This 
model had one different known input i.e. spacing between reinforcing bars, s. Rest of the 
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common known inputs were same. Uncertain inputs remain unchanged and given in Table 
6.1. Outputs of the analysis are shown in Figure 6.4.  
 
(a) Statistical outcomes for CS-1 and 7N24 bars using M2  
 
(b) Statistical outcomes for CS-1 and 5N28 bars using M2  
Figure 6.4 Statistical outcomes of crack width analysis for CS-1 using Model 2 
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As per Figure 6.4, Model 2 generates the crack width in the range of 0.197 mm to 0.80 mm 
and 0.208 mm to 0.826 mm for 7N24 and 5N28 bars, respectively. In comparison with 
Model 1, this model provides slightly lower bound values. Statistical outcomes of the 
analysis, standard deviation and mean for Model 2 are provided in Table 6.4.  
Table 6.4 Mean and standard deviation for CS-1 using model 2 
Statistical Information 7N24 5N28 
Mean (μ) 0.48 0.50 
Standard Deviation (σ) 0.18 0.19 
6.3.4 Model 3 – Eurocode 2 
Model 3 is based on Eurocode 2 code provisions. This model is used by several bridge 
engineers for design and assessment purposes. Reliability assessment tool for Model 3 is 
developed based on the logics and formulas of the model, along with additional known 
inputs, other than common known inputs. Additional known inputs are bar diameter, Ø, 
effective tension area of concrete surrounding the tension reinforcement, Aceff, bond factor, 
k1, strain distribution coefficient, k2 and factor depending on the duration of loading, kt. 
Values of these inputs are provided in Table 6.5.   
Table 6.5 Additional known inputs for CS-1 using Model 3   
Known Input  Value 
Bar Diameter, Ø (mm) 24 / 28 
Aceff (mm
2
) 52030 
k1 0.8 
k2 0.5 
kt 0.4 
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After establishing the known inputs, uncertain inputs are taken from Table 6.1 for final 
assessment of this bridge girder. Results of the analysis are provided in Figure 6.5.  
 
(a) Statistical outcomes for CS-1 and 7N24 bars using M3  
 
(b) Statistical outcomes for CS-1 and 5N28 bars using M3  
Figure 6.5 Statistical outcomes of crack width analysis for CS-1 using Model 3 
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In comparison with Model 1 and 2, statistical outputs of Model 3 provide higher lower 
bound and upper bound values for 90% confidence interval curve. For 7N24 bars, crack 
width varies between 0.30 mm to 1.34 mm and for 5N28 bars, final crack width ranges 
between 0.34 mm to 1.44 mm. These figures indicate that Eurocode 2 model projects a large 
range of crack widths. This can be due to the additional known inputs used in the model and 
their significance on final calculated outputs. Higher mean and standard deviation values are 
established for Model 3 analysis, as shown in Table 6.6. In comparison between two set of 
reinforcements, 5N28 tends to have larger crack width values than 7N24 bars. It can possible 
due to large bar diameter and slightly lesser tensile reinforcement area than other 
reinforcement set.  
Table 6.6 Mean and standard deviation for CS-1 using Model 3 
Statistical Information 7N24 5N28 
Mean (μ) 0.79 0.84 
Standard Deviation (σ) 0.31 0.33 
6.3.5 Model 4 – S. H. Chowdhury  
Author uses Equation 3.31, to develop a reliability assessment tool for Model 4. Known 
inputs of this model are identical to Model 2 and uncertain inputs taken from Table 6.1. 
Statistical outcomes of the analysis are provided in Figure 6.6 for both reinforcement 
configurations.  
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(a) Statistical outcomes for CS-1 and 7N24 bars using M4  
 
(b) Statistical outcomes for CS-1 and 5N28 bars using M4  
Figure 6.6 Statistical outcomes of crack width analysis for CS-1 using Model 4 
 
Final statistical outcomes of the analysis provide some interesting results, where, crack 
width for 7N24 varies between 0.25mm to 0.98mm for 90% confidence interval and for 
5N28 bars; it varies between 0.32 mm to 1.2 mm. A difference of 0.07 mm is noticed 
between lower bound values of two reinforcement configurations. A summary of these 
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outputs, i.e. mean and standard deviation is provided in Table 6.7. Mean of two 
reinforcement type varies at least 0.14mm and standard deviation differs for 0.05mm only. A 
difference in the final statistical outputs is noticed in each model, probably due to their 
individual characteristic and logics used for analysis. Analysis outcomes also suggest the 
influence of two set of reinforcement types.  
Table 6.7 Mean and standard deviation for CS-1 using Model 4 
Statistical Information 7N24 5N28 
Mean (μ) 0.60 0.74 
Standard Deviation (σ) 0.22 0.27 
 
6.3.6 Model 5 – Gergely & Lutz  
Apart from aforementioned known inputs, risk assessment tool of Model 5 uses an additional 
known input, namely, area of concrete surrounding reinforcing steel, A. It is calculated as the 
total effective area of the concrete in the tensile zone of cross section having the same 
centroid as the tensile reinforcement and divided by the number of longitudinal bars. 
Uncertain inputs for Model 5 are taken from Table 6.1. Outputs of the analysis are shown in 
Figure 6.7.  
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(a) Statistical outcomes for CS-1 and 7N24 bars using M5  
 
 
(b) Statistical outcomes for CS-1 and 5N28 bars using M5  
Figure 6.7 Statistical outcomes of crack width analysis for CS-1 using Model 5 
 
Statistical outcomes of the analysis provide a good range of crack widths for 7N24 and 5N28 
bars. Crack width for former configuration, varies between 0.25mm to 0.97mm and latter 
ranges between 0.28mm to 1.12mm. These crack widths are established for 90% confidence 
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interval level. If the confidence level is increased then the range of crack width also 
increases and provides a larger window of final crack widths. A summary of the statistical 
analysis for CS-1, i.e. mean and standard deviation are shown in Table 6.8.  
Table 6.8 Mean and standard deviation for CS-1 using Model 5 
 
 
 
 
6.3.7 Summary of Reliability Assessment for CS-1  
Reliability assessment is conducted for CS-1 using chosen models, M1 to M5. Assessment 
included two reinforcement configurations, as used in Section 5.2. Analysis for each model 
is performed independently using the relevant crack width formulas. All the models had 
same uncertain inputs, with identical probability distributions and had some common known 
inputs with few additional inputs for each model. Values of the known inputs were kept 
constant throughout the analysis. Statistical outcomes of all the models were plotted using 
normal fit distribution with 90% confidence interval values. A normal distribution fit is used 
because similar distribution pattern is followed for uncertain inputs as well. For each model, 
two set of graphs are plotted, indicating the reliability of crack width models under two 
different scenarios. Statistical outcomes, mean and standard deviation, for each model are 
summarised in the subsequent table 
Table 6.9 Summary of statistical outcomes for CS-1 and 7N24 Bars 
Statistical Information 7N24 5N28 
Mean (μ) 0.59 0.68 
Standard Deviation (σ) 0.22 0.25 
Statistical Information M1 M2 M3 M4 M5 
Mean (μ) 0.54 0.48 0.79 0.61 0.59 
Standard Deviation (σ) 0.24 0.18 0.31 0.22 0.22 
191 
 
Table 6.10 Summary of statistical outcomes for CS-1 and 5N28 Bars 
 
After completing the simulation, author draws a comparison between deterministic 
quantitative assessment and reliability based assessment outcomes, in the following section. 
Subsequent section also discusses the application and adaptation of these methods for 
informed decision making and how an asset owner can use the reliability based assessments 
to support the already proposed girder assessment framework, shown in Section 5.6. To 
demonstrate the application of reliability based approach, statistical outcomes of case study 1 
using 7N24 bars for Model 1 are discussed in detail. These outcomes are also used for the 
comparison purposes.  
6.4 Comparison of Reliability of Theoretical Crack Width 
Estimates 
This section presents a comparison of theoretically estimated crack widths and the reliability 
of such outcomes where the asset owners are informed of the level of confidence with which 
informed decisions become flexible. As mentioned before the estimated confidence levels, 
giving a range of probable crack widths for a bridge girder is based on Monte Carlo 
simulation. It is worth noting the deterministic approach, discussed in Section 5.3 for the 
same case, provides a range of 0.29mm-0.82mm over a time period between 1950 to 2004 
resulting from possible increase of imposed loading over the same period. On the contrary, 
reliability assessment methods provide significant information on the influence of variables 
(treated as inputs in this dissertation) and their variability on final outcomes. This method 
also provides the lower bound and the upper bound values, giving the opportunity for the 
Statistical Information M1 M2 M3 M4 M5 
Mean (μ) 0.57 0.50 0.84 0.74 0.68 
Standard Deviation (σ) 0.25 0.19 0.33 0.27 0.25 
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asset owner to have flexibility in setting capital works programs and maintenance 
forecasting priorities, at different percentiles, which remains missing in the deterministic 
approach. Outcomes of these approaches are compared and discussed below for CS-1 with 
7N24 bar configuration estimated using Model 1.  
 
Figure 6.8 Probable crack widths for CS-1 – 7N24 bar configuration  
Note: Figures plotted using @RISK contains an RMIT University banner, i.e. due to the 
licensing issues. 
Table 6.11 Summary of statistical outcomes for CS-1  
Summary Statistics for Crack Width – Model 1 
Statistics   Percentile   
Minimum -0.383172349 5% 0.1585127 
Maximum 1.617080077 10% 0.2354245 
Mean 0.542657165 15% 0.2948133 
Std Dev 0.241360648 20% 0.3400925 
Variance 0.058254963 25% 0.3809877 
Skewness 0.090297586 30% 0.4144352 
Kurtosis 3.078319108 35% 0.4492635 
Median 0.53677232 40% 0.4792099 
Mode 0.492705259 45% 0.507524 
Left X 0.158512721 50% 0.5367723 
Left P 5% 55% 0.5659753 
Right X 0.951793565 60% 0.5992805 
Right P 95% 65% 0.6311157 
Diff X 0.793280844 70% 0.6649225 
Diff P 90% 75% 0.7012773 
#Errors 0 80% 0.742298 
Filter Min Off 85% 0.7914579 
Filter Max Off 90% 0.8546889 
#Filtered 0 95% 0.9517936 
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Note: Negative crack width shall be ignored as noise in data and analysis. 
 
Table 6.12 Deterministic outcomes of CS-1 using 7N24 Bars for M1 
Year 
Truck 
Type 
Bending 
Moment (kN.m) 
(PL + UDL + 
SW) 
7N24 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 
H20-
S16-44 
323.65 301.99 0.29 
1992 L44 514.93 480.47 0.55 
2004 S1600 742.76 693.05 0.78 
2004 M1600 778.99 726.86 0.82 
 
Figure 6.9 and Table 6.11 show reliability based outcomes for the case study, where, the 
values of the probable crack widths are shown against probability of expedience. Percentile 
also indicates the level of confidence level. The asset owner may decide the level of 
confidence tolerable for a given bridge asset providing sufficient lead time for flagging the 
asset requiring certain degree of attention it deserves before the intervention.  
Analysis results suggest the maximum crack width of 1.62mm nearly double the value of 
0.82mm as per the theoretical estimation. However, these values, including negative results 
are ‘extremes’ which are outside 5% and 95% confidence zone, known as the outliers, hence 
ignored in all practical purposes. In general, values of 5%, 50% and 95% confidence level 
are considered important and used in decision support environments. All of three values are 
highlighted in above table. These values range between 0.158 mm to 0.951 mm, whereas, 
theoretically estimated crack widths for CS-1 varies between 0.29 mm to 0.82 mm. As 
expected, probable crack widths fall marginally outside the theoretical estimates which are 
deterministic values. 
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6.5 Proposed Assessment Framework Incorporating 
Reliability Pathway  
Asset Owners
Culverts Bridges Roads
Bridge Management & 
Decision Making
Current Deterministic
Bridge Girder 
Assessment via 
Visual Inspection
Qualitative Data 
Collection, e.g. 
flexural crack 
widths
Decision 
Making Tools
Decision Outputs 
based on 
Qualitative Data
Qualitative 
Assessment
Quantitative 
Assessment
Establish Girder 
Type and As built 
Information  
Structural 
Dimensions and 
Material 
Properties
Method of 
Design, WSM 
or LSD
Loading and 
Maintenance 
History
Input necessary 
information into 
Crack Width 
Models, M1 to M5 
Quantitative 
Outputs, Crack 
widths
Proposed Decision 
Making Tool
Compare Outputs from Qualitative 
Recordings and Quantitative 
Assessments and Make Informed 
Decisions
Reliability 
Analysis
Proposed
Determine 
Known 
Inputs
Determine Uncertain 
Inputs and Define 
Probability 
Distribution
Develop Reliability 
Assessment Tool 
for Crack Width 
Models, M1 to M5
RUN Simulation 
for required 
iterations
Quantitative Reliability 
Assessment for 
Theoretically Established 
Crack Widths
 
Figure 6.9 Proposed assessment framework including qualitative, theoretically 
deterministic and reliability based pathways 
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Proposed Assessment Framework flowchart (Figure 5.15) is further revised to include the 
reliability assessment pathway and re-produced in Figure 6.9. The tenet of the proposed 
assessment framework is that, combining the visual condition monitoring outcomes with 
statistically treated theoretical outcomes, supplementing each other in providing 
scientifically justifiable informed decision supporting environment. To enhance it further the 
author has identified five crack width predication models (M1-M5) given in Eq 3.19 – 3.23. 
More descriptions of ‘Current’ and ‘Deterministic’ pathways of the proposed assessment 
frame work are provided and explained in Section 5.6. 
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Chapter 7                                              
Conclusions and Recommendations 
7.1 General  
The main aim of this dissertation is to propose a framework for bridge asset owners to shift 
the current practice of qualitative condition monitoring towards the quantitative approach, in 
doing so, to supplant visual inspection data through the theoretical estimations with degree 
of reliability. Proposed quantifiable measure is the theoretical estimation of crack widths of 
bridge girders, which are considered as one of the major distress signals of aging and 
deterioration and currently being documented only qualitatively. The work presented here in 
this dissertation covers a comprehensive literature review of current condition monitoring 
practises, crack width prediction models of reinforced concrete flexural members and a 
compatibility assessment of girders designed using working stress method performing under 
limit state loading provisions. The work also involved regular consultations and feedback 
with the councils which provided access to four existing bridges currently in-service, as case 
studies, which are designed between 1960s and 1970. To strengthen the assessment criteria, 
author assessed the reliability of theoretically predicted crack widths, using chosen cack 
width models.  
It is the view of the author that the aims and focuses of this research, set to achieve as listed 
in Section 1.3, are successfully achieved, as presented in Section 7.2.  
The set aims and focuses are: 
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 Investigate and document current practices, identify gaps and possible counter 
strategies for more quantifiable approach, in conjunction with the latest VicRoads 
Road Structures and Inspection Manual.  
 Based on the outcomes of the above investigation, propose a decision framework by 
which the theoretical assessment outcomes can be used for more informed decisions 
by supplementing visual inspection data.   
 Investigate, within a selected regional council, how such an approach could be viable 
solution to supplement and strengthen their current practices.  
 Investigate the theoretical assessments using reliability method to provide the asset 
owner a degree of confidence within which they can justify the need for prioritisation 
of assets for maintenance forecasting and capital works program.  
 
7.2 Conclusions  
1. Routine condition monitoring and reporting of bridge assets are predominantly 
qualitative and has little or no technically verifiable data included in establishing the 
status of the asset. Prior to 2011 VicRoads guide was introduced, the practice was 
neither standardised nor regular and mostly based on home grown procedural 
guidelines. The condition status of each component was recorded using 0 to 9 scales 
with subjective descriptors, which appears to be adopted from FHWA. 
2. Since 2011, with the introduction of VicRoads Road Structure Inspection Manual, 
condition of the bridge girders are recorded based on their pre-defined four condition 
states, 1 to 4, as described in Table 2.3. Condition states represent degree of 
deterioration and essential intervention.  
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3. The major challenge most asset owners are confronted with is the correlation 
between old scale of 0 to 9 and the new condition states 1 to 4. This further impedes 
decision process of maintenance program capital forecasting. On one hand the 
inspection condition data prior to 2011 lack in quality and substance, on the other 
hand benchmarking past condition descriptors and present states are difficult without 
an established procedure. 
4. Crack widths of a bridge girder are recorded to identify the condition state in both 
Australian and USA practises. USA practise identifies flexural crack widths ranged 
between 1.6mm (Narrow) to 4.8mm (Wide), whereas, VicRoads Road Structures 
Inspection Manual suggests flexural crack widths, range from less than 0.1mm (Fine) 
to more than 0.7mm (Heavy). Although the crack width ranges are not in agreement 
of two practises, it is evident that crack width can be used as a quantifiable measure 
of degradation.     
5. The proposed assessment framework, as shown in Figure 6.9, using theoretical 
evaluation of degradation, in the way of crack widths, is expected to assist the asset 
owner with verifiable and informed decision support environment which is the major 
focus of this dissertation.   
6. Estimation and prediction of crack widths in reinforced concrete structural elements, 
especially due to shrinkage, creep and flexural stresses have been well codified and 
widely use in design phase of the bridge girders. However, there is hardly any 
evidence to suggest such theoretical approaches are used in condition evaluation as a 
quantifiable measure of degradation. 
7. This dissertation hypothise and demonstrates the possibility of addressing this 
anomaly to enhance the decision support environment for aging bridge girders in 
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combination with visually inspected condition data. The proposed methodology is not 
limited to bridge girders only, but adaptable to many similar situations providing 
quantifiable measure of degradation. 
8. Five crack width prediction models are used in this study (M1-M5) discussed in 
Section 3.4. The rational in selecting these models are based on wider acceptance and 
relevance to Australian conditions.  
9. Model 1 Gilbert (2008) and Model 4 (Chowdhury & Loo, 2001) are selected because 
they are developed for Australian Conditions. Model 2 (Frosch, 1999) is a 
theoretically established equation, which is independent of the cover depth of 
reinforcements. Model 3 is from Eurocode (BS-EN, 1992-2:2005) which is used by 
several researchers to validate the experimental outcomes which gives a higher level 
of confidence. Model 5 (Gergely & Lutz, 1968) is another well explained and 
established expression which has been adopted and used globally for validation and 
analysis purposes. Selected models are discussed in detail in Section 3.5.   
10. In the theoretical predictions, as demonstrated in Chapter 5, the upper bound and 
lower bound estimations of crack widths are given by Model 3 and Model 2, 
respectively, which provides the statistical distribution of predicted crack widths for a 
given stress value.  
11. The process of application is demonstrated using four case studies, CS-1 to CS-4, in 
combination with five chosen crack width prediction models, M1 to M5. These 
girders were designed using working stress method in 1960s and expected to satisfy 
limit state loading and performance provisions. Three of the four selected bridges use 
‘U-Slab’ bridge girder configuration and remaining one is an ‘I-girder’ section. These 
girders represent a larger population of the exiting bridges in the region investigated.  
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12. Any assessment of a bridge girder from that era performing under current loading 
provisions requires good understanding of two design philosophies, i.e. Working 
Stress Method (Prior 1992) and Limit State Design (Post 1992) and the comparable 
strengths. Section 4.3, provides a standard procedure to establish the capacity and any 
conceived over strengths or residual capacities. Figure 4.14 provide the capacity and 
safety margins of 1960 designed girders using allowable stress method in comparison 
to the capacity using the tensile capacity of reinforcing bars used in 1960 design, 
AS.A92 Hard Grade steel fu = 550Mpa.  
13. Design loads used in 1960s were much less than the present design loads and the 
assessment of an existing bridge girder requires compliance with the current loading 
code provisions. Therefore, one of the proposed efficient ways of identifying the 
residual and over-strength was to establish the flexural capacity of the girder and 
compare it against the additional moment demand, resulting from the current loads, 
as shown in Figure 4.14.  
14. Bridge girders designed in 1960s, currently in operation is expected to comply and 
perform at a satisfactory level under the current load provisions. There are three 
major revisions of loading, both in magnitude and configurations, can be identified 
since 1960s, as shown in Figure 4.12. The assessment based on the assumption that 
bridges is expected to perform and conform to revised loading conditions. It is 
acknowledged that, in practise, a counter argument is possible. However, from a 
standard of care point of view asset owner is liable to ensure that bridge conforms to 
the current code provisions. As such, the results presented here are based on the 
above assumption.   
15. To illustrate the viability of proposed methodology, all four girders, spans ranging 
from 6m to 11m, were assessed using five crack width prediction models. The results 
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are presented in Chapter 5 and Appendix B to D.  Predicted crack width results are 
due to time dependent behaviour such as creep and shrinkage in combination with 
time dependent increase of design loads, or a combination of both. Crack width 
predictions of model M1 are resulting from creep, shrinkage and flexural stresses 
under revised loading provisions whereas the crack width predictions of model M2-
M5 are resulting from only flexural stresses under revised loading provisions. 
16. Typical girder section properties given in Table 5.1 original shapes are converted to 
equivalent rectangular sections by maintaining the original effective depth and 
stiffness, as explained in Section 5.2. This conversion simplifies the assessment 
process without impeding the validity of the outcomes.   
17. To represent variability in detailing of the existing bridge girders, two reinforcement 
configurations of equivalent sections with 7N24 and 5N28 were used in the study. 
The area of steel is similar with a variation of 2.7%.  
18. Crack widths resulting from the excessive loading also presented wider crack widths 
for all case studies, as shown in Figures 5.11, 5.12, B.7, B.8, C.7, C.8, D.8 and D.9.   
19. Based on the steel stress vs. crack width charts, the concept of Theoretical Age of 
Intervention (TAoI) is introduced in this dissertation, which is defined as, 
theoretically identifiable age of intervention which predicts cracks within a girder 
reaching a structurally critical stage, which may not be necessarily visible to human 
eye. It is author’s view, that the TAoI provides a reasonable lead time for an asset 
owner as a sufficient buffer for proactive and informed renewal forecasting. Through 
this approach visual condition monitoring data can be supported quantitatively.  
20. TAoI is established after theoretically predicted crack width value crosses the 
threshold figure, i.e. structurally critical crack width, then bridge is tagged for in-
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detail visual inspection or cost effective protective measures can be taken to avoid 
any future deterioration. EuroCode2 (Mosley et al. 2007) and Gilbert and Ranzi 
(2011) suggest 0.3 mm as the critical crack width. Whereas, American Concrete 
Institute (ACI 2001) specify 0.41 mm as critical crack width.  
21. Theoretically predicted crack widths were compared with on-site observations, where 
crack widths were recorded using visual condition monitoring procedures within the 
tension zone of the girder closer to mid span. Observed crack widths with evidence of 
corrosion residue were excluded for comparison purposes. Observations were also 
compared with the condition monitoring reports made available for the research, by 
the council. Interestingly the latest condition monitoring report for CS1 indicates 
100% condition rating for condition state 1 with ‘fine flexural crack’ category. This 
means all cracks are less than 0.1mm. However, inspection by the Author and also by 
the photographic evidence given in Fig 5.14, it appears girder is having ‘medium 
cracking’ (0.3-0.7mm). This means the girder has passed Condition State 3 and 
approaching Condition state 4. Similar outcomes were also observed for other case 
studies as well.  
22. This study also investigated the possibility of establishing confidence level of the 
outcomes of theoretically established crack widths. A detailed procedure is given in 
Chapter 6. Reliability is currently getting wider acceptance in asset maintenance 
regime and decision support tools underpinning risk and reliability estimations are 
lacking in current practise. To develop reliability of theoretically estimated crack 
widths statistical variability of applied loads, as built structural dimensions and 
allowable material strengths were used.  
23. For CS-1, outputs of the reliability analysis results indicate the crack widths of girder 
could be predicted as, reaching 0.158mm with 5% confidence level, whereas, if the 
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assessor wishes to have a higher confidence level, such as 95% confidence level, the 
prediction would result crack width of 0.951mm. Had a deterministic value was 
chosen using models M1 to M5, the variability of the outcomes would be ranging 
from 0.29mm to 0.82 mm. As expected, probable crack widths fall marginally 
outside the theoretical estimates which are deterministic values. Percentile values for 
reliability assessment also establish the level of confidence, which can be used by the 
asset owner in his informed decision providing sufficient lead time.  
24. Based on deterministic and reliability assessments, an assessment framework 
flowchart (Figure 5.15) is proposed for combining the visual condition monitoring 
outcomes with statistically treated theoretical outcomes, supplementing each other in 
providing scientifically justifiable informed decision supporting environment. 
 
7.3 Further Research  
 The proposed hypothesis of embedding statistically treated theoretical predictions to 
supplant visual condition monitoring observations is viable for maintaining other 
infrastructure components of similar kind. This may invite future research in 
identifying relevant quantifiable measure of degradation (similar to crack widths, w) 
and the ability to develop relevant prediction models.  
 Proposed framework can be easily adapted, with due diligence, in similar 
applications of maintenance, where measure of degradation can be theoretically 
examined as a supplement for the field observations. This requires mapping of the 
maintenance regime within the relevant context, similar to proposed decision 
framework flowchart. A cost-effective decision support tool encompassing condition 
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monitoring with the backing of theoretical predictions can be developed in future 
research using the proposed framework flowchart.   
 Although the corrosion initiation and corrosion propagation is not within the scope of 
this study, the next phase of the proposed condition assessment framework can be 
improved by incorporating corrosion induced crack prediction models in combination 
with flexural induced cracking.   
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Appendix A. Loading Configuration for Case Study 1 
(CS-1) 
Loading configuration used for analysing the bridge girder CS-1 is provided below. Change 
in induced steel stress is calculated based on these imposed loads.  
 
Figure A.1 Loading configuration for CS-1 
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Appendix B. Deterministic & Reliability Analysis for 
Case Study 2 (CS-2) 
Introduction 
CS-2 is also a Reinforced Concrete U Slab bridge girder, constructed in 1970 using Working 
Stress Method. This girder has been assessed as per the aforementioned methodology, i.e. 
deterministic and risk-analysis theory. For validation, outputs are compared with on-site 
recordings.     
Structural Configurations and Material Properties 
Structural configurations for CS-2 are similar to CS-1, except the span length, which 
influences the applied bending moment and induced steel stress. Material properties are also 
taken from the precious case study.   
Table B.1 Structural and material properties 
Properties Value 
Concrete compressive strength, f 
’
c (MPa) 30 
Concrete Density (kN/m
3
) 2300 
Concrete cover, c (mm) 50.8 
Tensile reinforcement 7 N 24 
Bar Diameter (mm) 24 
Yield strength of steel (MPa) 345 Min 
Tensile strength of steel (MPa) 550 Min 
Width of the girder, b (mm) 409.68 
Depth of the girder, D (mm) 444.50 
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Change in Applied Load and Induced Steel Stress  
Live load has increased since 1950 and as a result truck load configuration has also changed, 
i.e. axle loads and positions. This increment has deteriorated the bridge girder strength by 
inducing more than allowed steel stress. Change in steel stress due to change in loads is 
shown in Table B.2 and load configurations are shown in Figure B.1.  
 
Figure B.1 Loading configuration for CS-2 
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Table B.2 Change in bending moment and resulting induced steel stress 
Year Truck Type 
Bending Moment (kN.m) 
(PL + UDL + SW) 
Steel Stress (σst) 
(MPa) 
5N28 7N24 
1950 H20-S16-44 411.53 393.83 383.99 
1992 L44  646.67 618.86 603.40 
2004 S1600 971.87 930.08 906.84 
2004 M1600 991.60 948.96 925.25 
 
Crack Width 
Crack widths are calculated based on the deterministic theory, as explained in Chapter 3 and 
5. Afterwards, probable crack widths are established bases on the risk analysis methodology.  
 
Model 1 – R. I. Gilbert  
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Figure B.2 Deterministic crack width for CS-2 – Model 1  
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A summary of deterministic crack widths for CS-2 using Model 1 is provided in Table B.3. 
As per the table girder is expected to see large crack widths when it experiences high truck 
loads, i.e. M1600 and S1600. Also, fine cracking is expected in early stages of the life due to 
1950’s loading, hence this bridge girder should at least have 0.3 mm cracking. It will be 
validated in subsequent section. Steel stresses for this girder are relatively high. It is due to 
the large span and increase in the truck load axle positions.  
Table B.3 Summary of crack widths CS-2 – Model 1  
Year 
5N28 7N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 393.83 0.40 383.99 0.38 
1992 618.86 0.72 603.40 0.64 
2004 930.08 1.07 906.84 1.00 
2004 948.96 1.09 925.25 1.03 
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Model 2 – R. J. Frosch  
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Figure B.3 Deterministic crack widths for CS-2 – Model 2  
Summary of deterministic crack widths is provided in Table B.4. According to the table, 
girder is expected to see fine to medium cracking as per the given induced steel stresses.   
Table B.4 Summary of crack widths for CS-2 – Model 2  
Year 
5N28 7N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 393.83 0.28 383.99 0.27 
1992 618.86 0.43 603.40 0.41 
2004 930.08 0.64 906.84 0.62 
2004 948.96 0.67 925.25 0.64 
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Model 3 – Eurocode 2 
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Figure B.4 Deterministic crack widths for CS-2 – Model 3  
 
Cracks widths for CS-2 using Model 3 has been summarised in the following table. 
According to the table, girder is expected to experience higher crack widths during its in-
service life. These values are based on the provided inputs but can vary if more precise 
information can be located.  
Table B.5 Summary of crack widths for CS-2 – Model 3  
Year 
5N28 7N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 393.83 0.47 383.99 0.42 
1992 618.86 0.75 603.40 0.68 
2004 930.08 1.14 906.84 1.04 
2004 948.96 1.18 925.25 1.08 
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Model 4 – S. H. Chowdhury  
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Figure B.5 Deterministic crack widths for CS-2 – Model 4  
Table B.6 suggests the influence of reinforcement types on crack widths. A difference can be 
noticed in the final calculated crack widths, where 5N28 provides larger crack widths than 
7N24 bars.  
Table B.6 Summary of crack widths – CS2 – Model 4  
Year 
5N28 7N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 393.83 0.44 383.99 0.36 
1992 618.86 0.69 603.40 0.56 
2004 930.08 1.02 906.84 0.84 
2004 948.96 1.05 925.25 0.86 
 
 
  
0 
100 
200 
300 
400 
500 
600 
700 
800 
900 
1000 
0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1 1.1 1.2 
T
en
si
le
 S
te
el
 S
tr
es
 (
M
P
a)
 
Crack Width, wmax (mm) 
H20-S16-44 (1950's) + L44 (1992) + S1600 (2004) + M1600 (2004)  
5 N 28 
7 N 24 
233 
 
Model 5 – Gergely & Lutz 
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Figure B.6 Deterministic crack widths for CS-2 – Model 5 
A brief summary of the deterministic crack widths is presented in the subsequent table. 
Outputs of the CS-2 suggest that despite of the reinforcement type, bridge girder will 
experience fine to heavy cracking, as it ranges between 0.3 mm to 0.9 mm.  
Table B.7 Summary of crack widths for CS-2 – Model 5  
Year 
5N28 7N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 393.83 0.38 383.99 0.33 
1992 618.86 0.60 603.40 0.52 
2004 930.08 0.90 906.84 0.78 
2004 948.96 0.92 925.25 0.80 
 
Summary of Deterministic Crack Widths (wmax) for Model 1 to 5 
Crack widths for CS-2 has been summarised in the following tables and figures, which 
provide a great insight into the differences of crack widths due to various models. Each 
model has a specific characteristic to calculate crack widths and attempts to provide best 
possible outputs. Like previous case study two reinforcement types were used to assess CS-
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2, i.e. 5N28 and 7N24. Some models showed a significant impact of using two different 
types of reinforcement on crack widths and provided two distinct values to consider. On the 
other hand, few models did not provide a great difference in the calculated crack widths due 
to reinforcement types. These differences are shown below.  
Table B.8 Summary of crack widths CS-2 – 5N28 – Models 1 to 5  
 
 
Crack width (mm) 
Year 
Steel Stress (σst) 
Mpa 
M1 M2 M3 M4 M5 
1950 393.83 0.40 0.28 0.47 0.44 0.38 
1992 618.86 0.72 0.43 0.75 0.69 0.60 
2004 930.08 1.07 0.64 1.14 1.02 0.90 
2004 948.96 1.09 0.67 1.18 1.05 0.92 
 
 
Figure B.7 A comparison of crack widths for 5N28 Bars – CS2  
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Table B.9 Summary of crack widths CS-2 – 7N24 – Models 1 to 5  
 
 
Crack width (mm) 
Year 
Steel Stress (σst) 
MPa 
M1 M2 M3 M4 M5 
1950 383.99 0.38 0.27 0.42 0.36 0.33 
1992 603.40 0.64 0.41 0.68 0.56 0.52 
2004 906.84 1.00 0.62 1.04 0.84 0.78 
2004 925.25 1.03 0.64 1.08 0.86 0.80 
 
 
Figure B.8 A comparison of crack widths for CS2 – 7N24 Bars 
 
Validation  
After establishing the crack widths for CS-2, calculated values are compared with on-site 
photographic evidences. These recordings are done to examine the present condition of the 
girder, as no crack width information is provided in the inspection reports made available to 
the author by participating council. Photographs are shown below.  
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Figure B.9 Photographic evidences from the site inspection. Red arrow indicates the 
location of the crack. 
 
On-site recordings clearly show the flexural crack widths appearing on the bridge girder. 
These cracks range between hairline cracking to medium cracking, i.e. 0.1 mm to 0.7 mm, 
where majority of the cracks are around fine cracking zone. Therefore when compared with 
deterministic cack widths, most of the high values can be considered as the future crack 
widths if girder experiences the assumed load. Model 2, 4 and 5 has suggested the range 
around 0.3 to 0.85 mm which matches with on-site recording. Hence, it is safe to say that 
model outcomes agree with the photographic evidences.    
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Reliability Analysis – CS2  
A risk analysis is done for case study 2 considering all the deterministic models. Statistical 
information is used for influencing and uncertain parameters to compute a range of probable 
crack width values.  
Model 1 – R. I. Gilbert  
 
 
Figure B.10 Probable crack widths for CS-2 (Model 1) 
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Statistical summary of the probable crack widths is given below. Crack widths are provided 
with relevant confidence levels and cumulative mean and standard deviation.  
Table B.10 Statistical summary of crack widths for 5N28 – M1 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.372846531 5% 0.1772629 
Maximum 1.417168878 10% 0.2631823 
Mean 0.562791782 15% 0.3196527 
Std Dev 0.236927386 20% 0.3654582 
Variance 0.056134586 25% 0.4014294 
Skewness 0.095443788 30% 0.4353086 
Kurtosis 3.065078612 35% 0.4674133 
Median 0.559218883 40% 0.4974255 
Mode 0.482967212 45% 0.5270729 
Left X 0.177262867 50% 0.5592189 
Left P 5% 55% 0.5889099 
Right X 0.955678997 60% 0.6213771 
Right P 95% 65% 0.6510809 
Diff X 0.77841613 70% 0.6854033 
Diff P 90% 75% 0.7213093 
#Errors 0 80% 0.7580912 
Filter Min Off 85% 0.8070983 
Filter Max Off 90% 0.8668125 
#Filtered 0 95% 0.955679 
 
Table B.11 Statistical summary of crack widths for 7N24 – M1 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.337338638 5% 0.1498571 
Maximum 1.378693435 10% 0.2347715 
Mean 0.51263451 15% 0.284919 
Std Dev 0.222295909 20% 0.3255513 
Variance 0.049415471 25% 0.3609066 
Skewness 0.084744176 30% 0.3938713 
Kurtosis 3.067357518 35% 0.4238066 
Median 0.506792813 40% 0.4529371 
Mode 0.482081876 45% 0.4797065 
Left X 0.149857053 50% 0.5067928 
Left P 5% 55% 0.5363805 
Right X 0.883038206 60% 0.56674 
Right P 95% 65% 0.5957205 
Diff X 0.733181153 70% 0.6270284 
Diff P 90% 75% 0.6622622 
#Errors 0 80% 0.7006242 
Filter Min Off 85% 0.7419363 
Filter Max Off 90% 0.7977648 
#Filtered 0 95% 0.8830382 
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Model 2 – R. J. Frosch  
 
 
Figure B.11 Distribution of probable crack widths using Model 2  
Based on the risk analysis outputs a statistical summary is generated which shows the mean, 
standard deviation and outputs for relevant confidence levels. These reports are generated for 
both reinforcement types and shown below.  
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Table B.12 Statistical summary of crack widths for 5N28 – M2 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.207481444 5% 0.2054471 
Maximum 1.382922585 10% 0.2546485 
Mean 0.468663178 15% 0.2896899 
Std Dev 0.174675003 20% 0.3194342 
Variance 0.030511357 25% 0.3469449 
Skewness 0.384348049 30% 0.3699692 
Kurtosis 3.276043168 35% 0.3917581 
Median 0.45597625 40% 0.4126464 
Mode 0.446529729 45% 0.4357205 
Left X 0.205447076 50% 0.4559763 
Left P 5% 55% 0.4782172 
Right X 0.769823961 60% 0.5023273 
Right P 95% 65% 0.5247828 
Diff X 0.564376886 70% 0.5492745 
Diff P 90% 75% 0.5792505 
#Errors 0 80% 0.612367 
Filter Min Off 85% 0.6518979 
Filter Max Off 90% 0.7011229 
#Filtered 0 95% 0.769824 
 
Table B.13 Statistical summary of crack widths for 7N24 – M2 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.041687934 5% 0.1981953 
Maximum 1.244447571 10% 0.2476074 
Mean 0.455550458 15% 0.2816254 
Std Dev 0.17089483 20% 0.3102437 
Variance 0.029205043 25% 0.3353231 
Skewness 0.404744416 30% 0.3586615 
Kurtosis 3.281865447 35% 0.3806719 
Median 0.443780888 40% 0.4018348 
Mode 0.466572619 45% 0.4215818 
Left X 0.198195326 50% 0.4437809 
Left P 5% 55% 0.4648567 
Right X 0.754804535 60% 0.4859164 
Right P 95% 65% 0.5088343 
Diff X 0.55660921 70% 0.536145 
Diff P 90% 75% 0.564054 
#Errors 0 80% 0.595765 
Filter Min Off 85% 0.6331458 
Filter Max Off 90% 0.6798422 
#Filtered 0 95% 0.7548045 
 
 
243 
 
Model 3 – Eurocode 2  
 
 
Figure B.12 Distribution of probable crack widths using Model 3   
Risk analysis provides some key statistical information which can be used in decision 
making and forecast the future capital work program. Summary of the CS-2 using model 3 is 
shown below for respective reinforcements.  
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Table B.14 Statistical summary of crack widths for 5N28 – M3 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.520364329 5% 0.3465317 
Maximum 2.054180528 10% 0.4377672 
Mean 0.816067541 15% 0.508727 
Std Dev 0.304241757 20% 0.5622803 
Variance 0.092563047 25% 0.6075163 
Skewness 0.331257361 30% 0.6487509 
Kurtosis 3.292023797 35% 0.6875274 
Median 0.799204073 40% 0.7243106 
Mode 0.713983368 45% 0.7615254 
Left X 0.346531664 50% 0.7992041 
Left P 5% 55% 0.8365072 
Right X 1.345273729 60% 0.8744571 
Right P 95% 65% 0.9149909 
Diff X 0.998742065 70% 0.9574521 
Diff P 90% 75% 1.003803 
#Errors 0 80% 1.0602169 
Filter Min Off 85% 1.1289383 
Filter Max Off 90% 1.2131513 
#Filtered 0 95% 1.3452737 
 
Table B.15 Statistical summary of crack widths for 7N24 – M3 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.10521532 5% 0.3082742 
Maximum 2.336230401 10% 0.4003123 
Mean 0.756738052 15% 0.4653371 
Std Dev 0.284114611 20% 0.515542 
Variance 0.080721112 25% 0.5621283 
Skewness 0.317054925 30% 0.6001761 
Kurtosis 3.167219236 35% 0.6359653 
Median 0.740550278 40% 0.6704901 
Mode 0.708864199 45% 0.7057909 
Left X 0.308274214 50% 0.7405503 
Left P 5% 55% 0.7764234 
Right X 1.244114778 60% 0.8131458 
Right P 95% 65% 0.8536548 
Diff X 0.935840565 70% 0.8938022 
Diff P 90% 75% 0.9405904 
#Errors 0 80% 0.9935726 
Filter Min Off 85% 1.0529319 
Filter Max Off 90% 1.1264238 
#Filtered 0 95% 1.2441148 
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Model 4 – S. H. Chowdhury  
 
 
Figure B.13 Probability distribution of crack widths for CS-2 using M4 
Similar to above mentioned models, a statistical summary is generated by @RISK based on 
the inputs and logics provided. Below mentioned provide the summary for CS-2 using 
Model 4.  
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Table B.16 Statistical summary of crack widths for 5N28 – M4 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.134134314 5% 0.3280801 
Maximum 1.787042591 10% 0.4059267 
Mean 0.707237824 15% 0.4573324 
Std Dev 0.240295006 20% 0.5037423 
Variance 0.05774169 25% 0.5446837 
Skewness 0.185588415 30% 0.5818314 
Kurtosis 3.196133155 35% 0.6118811 
Median 0.701572382 40% 0.6419984 
Mode 0.656982364 45% 0.6716756 
Left X 0.328080083 50% 0.7015724 
Left P 5% 55% 0.7288857 
Right X 1.112037267 60% 0.7582848 
Right P 95% 65% 0.7902976 
Diff X 0.783957183 70% 0.8228882 
Diff P 90% 75% 0.8613611 
#Errors 0 80% 0.9039231 
Filter Min Off 85% 0.9562561 
Filter Max Off 90% 1.0188697 
#Filtered 0 95% 1.1120373 
 
Table B.17 Statistical summary of crack widths for 7N24 – M4 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.194714609 5% 0.2690837 
Maximum 1.450345434 10% 0.3321861 
Mean 0.579984029 15% 0.3756149 
Std Dev 0.198599772 20% 0.4126844 
Variance 0.039441869 25% 0.4406869 
Skewness 0.190026164 30% 0.4701005 
Kurtosis 3.120756961 35% 0.4977219 
Median 0.573975588 40% 0.5250581 
Mode 0.55740315 45% 0.5506883 
Left X 0.269083682 50% 0.5739756 
Left P 5% 55% 0.5989817 
Right X 0.916927624 60% 0.6244116 
Right P 95% 65% 0.6500465 
Diff X 0.647843942 70% 0.6795768 
Diff P 90% 75% 0.7081091 
#Errors 0 80% 0.7428 
Filter Min Off 85% 0.7832988 
Filter Max Off 90% 0.8388676 
#Filtered 0 95% 0.9169276 
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Model 5 – Gergely & Lutz  
 
 
Figure B.14 Probability distribution of crack widths for CS-2 using Model 5 
Refer to the subsequent tables for a detailed summary of the risk analysis. These tables 
provide some vital statistical information which can be adopted by asset owners for 
enhanced decision making.   
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Table B.18 Statistical summary of crack widths for 5N28 – M5 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.144124058 5% 0.2861872 
Maximum 1.656411632 10% 0.3596122 
Mean 0.645154266 15% 0.4121874 
Std Dev 0.229741873 20% 0.4543786 
Variance 0.052781328 25% 0.4869709 
Skewness 0.263888388 30% 0.5177607 
Kurtosis 3.122911793 35% 0.5469681 
Median 0.635005656 40% 0.5758752 
Mode 0.683667526 45% 0.6064884 
Left X 0.286187161 50% 0.6350057 
Left P 5% 55% 0.6646349 
Right X 1.041773048 60% 0.6909276 
Right P 95% 65% 0.7216825 
Diff X 0.755585887 70% 0.7543594 
Diff P 90% 75% 0.7913815 
#Errors 0 80% 0.8335742 
Filter Min Off 85% 0.8826073 
Filter Max Off 90% 0.9496221 
#Filtered 0 95% 1.041773 
 
Table B.19 Statistical summary of crack widths for 7N24 – M5 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.167138925 5% 0.247702 
Maximum 1.413385762 10% 0.3096036 
Mean 0.5607906 15% 0.3549869 
Std Dev 0.200952065 20% 0.3894945 
Variance 0.040381732 25% 0.4206641 
Skewness 0.275711088 30% 0.4488126 
Kurtosis 3.108846499 35% 0.4785875 
Median 0.551191484 40% 0.5043831 
Mode 0.549112877 45% 0.5278376 
Left X 0.247702001 50% 0.5511915 
Left P 5% 55% 0.5763571 
Right X 0.907473494 60% 0.6017495 
Right P 95% 65% 0.6274033 
Diff X 0.659771493 70% 0.6572147 
Diff P 90% 75% 0.6899397 
#Errors 0 80% 0.7241684 
Filter Min Off 85% 0.7670372 
Filter Max Off 90% 0.8246964 
#Filtered 0 95% 0.9074735 
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Appendix C. Deterministic & Reliabiilty Analysis for 
Case Study 3 (CS-3) 
 
Introduction 
CS-3 is analysed using all the deterministic models and assessment criteria’s mentioned in 
Chapter 3 and 5 respectively. Outputs of the analysis are validated using on-site recordings, 
as done in Chapter 5. After determining deterministic crack widths, @RISK model is used to 
establish probable crack widths.      
 
Structural Configurations and Material Properties 
Table C.1 Structural dimensions of CS-3 before conversion 
Parameter Value 
Width of the section, b1 (mm) 609.60 
Width between shear legs, b2 (mm) 292.10 
Total depth, d (mm) 342.90 
Thickness of shear leg, s (mm) 158.75 
Web thickness, t (mm) 101.60 
 
Table C.2 Equivalent rectangular cross section values 
U Slab Bridge Girder Equivalent Rectangular Section 
Parameter Value Parameter Value 
Width of the section, b1 (mm) 609.60 Width (mm) 426.13 
Total depth, d (mm) 342.90 Total depth, d (mm) 342.90 
I U Slab (mm
4
) 1.43 x 10
9
 I Equivalent girder (mm
4
) 1.43 x 10
9
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Table C.3 Structural and material properties for CS-3 
Properties Value 
Concrete compressive strength, f 
’
c (MPa) 30 
Concrete Density (kN/m
3
) 2300 
Concrete cover, c (mm) 50.8 
Tensile reinforcement 5 N 24 
Bar Diameter (mm) 24 
Yield strength of steel (MPa) 345 Min 
Tensile strength of steel (MPa) 550 Min 
 
Load Configuration: 
Change in live loads, as mentioned in Chapter 4 is used here for analysis. Axle loads were 
placed on different locations of the span and shown in Figure C.1  
Bending Moment and Steel Stress: 
Bending moment and resulting steel stress is presented in Table C.4 resulting from the 
imposed loads.  
Table C.4 Summary of bending moments and steel stress for CS-3 
Year Truck Type 
Bending Moment (kN.m) 
(PL + UDL + SW) 
Steel Stress (σst) 
(MPa) 
5N24 4N28 
1950 H20-S16-44 180.89 317.04 292.28 
1992 L44  302.52 530.22 488.81 
2004 S1600 393.26 689.26 635.43 
2004 M1600 442.54 775.63 715.05 
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Figure C.1 Loading configuration for CS-3, since 1950 till 2004 
 
Crack Width 
Based on the deterministic methodology, crack widths are calculated based on the crack 
width models and change in induced steel stress. Outputs of the analysis for all the models 
are shown in below mentioned figures.  
252 
 
Model 1 – R. I. Gilbert 
 
(e) 1950 – H20-S16-44 design live load 
 
 
(f) 1992 – T44 and L44 Loading. Only L44 is shown.  
 
 
(g) 2004 – S1600 Stationary traffic design live load.  
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(h) 2004 – M1600 Moving traffic design live load.  
 
Figure C.2 Deterministic crack width for model 1 using 4N28 and 5N25 bars 
 
A summary of the calculated crack widths are shown in Table C.5. 
Table C.5 Summary of crack widths for Model 1 
Year 
4N28 5N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 292.28 0.38 317.04 0.41 
1992 488.81 0.69 530.22 0.81 
2004 635.43 0.89 689.26 1.03 
2004 715.05 0.99 775.63 1.17 
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Model 2 – R. J. Frosch  
 
(a) 1950 – H20-S16-44 design live load 
 
 
(b) 1992 – T44 and L44 Loading. Only L44 is shown.  
 
 
(c) 2004 – S1600 Stationary traffic design live load.  
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(d) 2004 – M1600 Moving traffic design live load.  
 
Figure C.3 Deterministic crack width for model 2 using 4N28 and 5N25 bars 
Crack width values for Model 2 has been summarised in Table C.6.  
Table C.6 Summary of crack widths for Model 2 
Year 
4N28 5N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 292.28 0.21 317.04 0.23 
1992 488.81 0.36 530.22 0.38 
2004 635.43 0.47 689.26 0.50 
2004 715.05 0.53 775.63 0.57 
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Model 3 – Eurocode 2  
 
(a) 1950 – H20-S16-44 design live load 
 
 
(b) 1992 – T44 and L44 Loading. Only L44 is shown.  
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(c) 2004 – S1600 Stationary traffic design live load.  
 
(d) 2004 – M1600 Moving traffic design live load.  
 
Figure C.4 Deterministic crack width for model 3 using 4N28 and 5N25 bars 
 
Crack width for this model are summarised in Table C.7.  
Table C.7 Summary of crack widths for Model 3 
Year 
4N28 5N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 292.28 0.37 317.04 0.38 
1992 488.81 0.64 530.22 0.68 
2004 635.43 0.85 689.26 0.89 
2004 715.05 0.95 775.63 1.00 
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Model 4 – S. H. Chowdhury 
 
(a) 1950 – H20-S16-44 design live load 
 
 
(b) 1992 – T44 and L44 Loading. Only L44 is shown.  
 
 
(c) 2004 – S1600 Stationary traffic design live load.  
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(d) 2004 – M1600 Moving traffic design live load.  
 
Figure C.5 Deterministic crack width for model 4 using 4N28 and 5N25 bars 
 
A summary of the crack widths for is provided in Table C.8 
Table C.8 Summary of crack widths for Model 4 
Year 
4N28 5N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 292.28 0.31 317.04 0.31 
1992 488.81 0.52 530.22 0.53 
2004 635.43 0.68 689.26 0.69 
2004 715.05 0.76 775.63 0.80 
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Model 5 – Gergely & Lutz 
 
(a) 1950 – H20-S16-44 design live load 
 
 
(b) 1992 – T44 and L44 Loading. Only L44 is shown.  
 
 
(c) 2004 – S1600 Stationary traffic design live load.  
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(d) 2004 – M1600 Moving traffic design live load.  
 
Figure C.6 Deterministic crack width for model 5 using 4N28 and 5N25 bars 
Crack widths for model 5 are interesting and do not show a great difference between using 
two different set of reinforcements. A summary of these crack widths is given in below 
mentioned table.  
Table C.9 Summary of crack widths for Model 5 
Year 
4N28 5N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 292.28 0.32 317.04 0.33 
1992 488.81 0.54 530.22 0.55 
2004 635.43 0.71 689.26 0.72 
2004 715.05 0.80 775.63 0.81 
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Summary of Crack Widths for Models 1 to 5 
Table C.10 and C.11 show a range of crack of widths for CS-3 using five models and two set 
of reinforcement types. This range provides an upper and lower bound value of crack width. 
Such trend is shown in Figures C.7 and C.8.  
Table C.10 Summary of crack widths for Models 1 to 5 for 4N28 bars 
 
 
Crack width (mm) 
Year 
Steel Stress (σst) 
Mpa 
M1 M2 M3 M4 M5 
1950 292.28 0.38 0.21 0.37 0.31 0.32 
1992 488.81 0.69 0.36 0.64 0.52 0.54 
2004 635.43 0.89 0.47 0.85 0.68 0.71 
2004 715.05 0.99 0.53 0.95 0.76 0.8 
 
 
Figure C.7 Crack width vs. tensile steel stress for 4N28 bars for CS-3 
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Table C.11 Summary of crack widths for Models 1 to 5 for 5N24 bars 
 
 
Crack width (mm) 
Year 
Steel Stress (σst) 
MPa 
M1 M2 M3 M4 M5 
1950 317.04 0.41 0.23 0.38 0.31 0.33 
1992 530.22 0.81 0.38 0.68 0.53 0.55 
2004 689.26 1.03 0.50 0.89 0.69 0.72 
2004 775.63 1.17 0.57 1.00 0.80 0.81 
 
 
Figure C.8 Crack width vs. tensile steel stress for 4N28 bars for CS-3 
 
Validation  
In order to validate the deterministic models, calculated crack widths are compared with on-
site recordings. Photographic evidences are shown in Figure C.9.  
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Figure C.9 Photographic evidences of CS-3 
As per the photographic evidences crack width ranges between fine cracking to heavy 
cracking, i.e. 0.1 mm to beyond 0.7 mm. These values are established after comparing the 
visual crack indicator as provided in Chapter 2. This suggests that bridge girder has crossed 
the critical crack width limit and very likely to corrosion setting. Few corrosion signs can be 
spotted in the photographs as well. Similar crack width range is suggested by the 
deterministic models as well. Hence, it can be concluded that, deterministic model provides 
some key information which remains missing from visual inspection reports.  
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Reliability Analysis  
After establishing the deterministic outputs, author provides reliability analysis outputs to 
strengthen the proposed model and support decision making. Reliability analysis outcomes 
can be used effectively by asset owners along with deterministic and visual inspection 
reports. To perform this analysis, author followed the methodology highlighted in Chapter 6.  
Model 1 – R. I. Gilbert  
 
 
Figure C.10 Probable crack width distribution for CS-3 using Model 1  
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Simulation outputs are also represented in tabular format, highlighting crack width values for 
respective confidence level.  
Table C.12 Statistical information for crack widths – 5N24 Bars – M1 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -1.439759288 5% 0.6697989 
Maximum 5.450851809 10% 0.9688739 
Mean 2.064663602 15% 1.1725686 
Std Dev 0.861760312 20% 1.3418129 
Variance 0.742630835 25% 1.4826816 
Skewness 0.114905314 30% 1.6071136 
Kurtosis 3.114344507 35% 1.7257313 
Median 2.053750544 40% 1.8363104 
Mode 2.277637252 45% 1.943189 
Left X 0.669798908 50% 2.0537505 
Left P 5% 55% 2.1654583 
Right X 3.507523884 60% 2.2692168 
Right P 95% 65% 2.3732118 
Diff X 2.837724977 70% 2.4961438 
Diff P 90% 75% 2.6205092 
#Errors 0 80% 2.7721812 
Filter Min Off 85% 2.9455308 
Filter Max Off 90% 3.1781519 
#Filtered 0 95% 3.5075239 
 
Table C.13 Statistical information for crack widths – 4N28 Bars – M1 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -1.008670329 5% 0.5708483 
Maximum 4.981870727 10% 0.8249439 
Mean 1.752749224 15% 0.9923188 
Std Dev 0.735979822 20% 1.1321262 
Variance 0.541666298 25% 1.2508067 
Skewness 0.147619377 30% 1.3581454 
Kurtosis 3.093930377 35% 1.4576283 
Median 1.73763856 40% 1.5507933 
Mode 1.909041631 45% 1.639467 
Left X 0.570848286 50% 1.7376386 
Left P 5% 55% 1.8339507 
Right X 2.995779532 60% 1.917018 
Right P 95% 65% 2.0226092 
Diff X 2.424931246 70% 2.117815 
Diff P 90% 75% 2.2293277 
#Errors 0 80% 2.3563537 
Filter Min Off 85% 2.5109291 
Filter Max Off 90% 2.7033677 
#Filtered 0 95% 2.9957795 
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Model 2 – R. J. Frosch  
 
 
 
Figure C.11 Probable crack width distribution for CS-3 using Model 2 
Summary of the analysis for two reinforcement types is provided in Table C.14 and C.15, 
showing individual confidence values.  
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Table C.14 Statistical information for crack widths – 5N24 Bars – M2 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.597487696 5% 0.4486681 
Maximum 3.587673039 10% 0.5900753 
Mean 1.226959629 15% 0.6974089 
Std Dev 0.517258589 20% 0.7902315 
Variance 0.267556448 25% 0.867515 
Skewness 0.352349103 30% 0.9353362 
Kurtosis 3.277116833 35% 1.001982 
Median 1.194259023 40% 1.0689641 
Mode 1.189307299 45% 1.130599 
Left X 0.448668087 50% 1.194259 
Left P 5% 55% 1.2649719 
Right X 2.135168749 60% 1.3288838 
Right P 95% 65% 1.3956714 
Diff X 1.686500662 70% 1.4682751 
Diff P 90% 75% 1.5481745 
#Errors 0 80% 1.6396124 
Filter Min Off 85% 1.7623211 
Filter Max Off 90% 1.9024101 
#Filtered 0 95% 2.1351687 
 
 
Table C.15 Statistical information for crack widths – 4N28 Bars – M2 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.225839264 5% 0.4297877 
Maximum 3.934848269 10% 0.5749861 
Mean 1.148918521 15% 0.6716714 
Std Dev 0.477944384 20% 0.7494594 
Variance 0.228430834 25% 0.8166639 
Skewness 0.449637776 30% 0.8817837 
Kurtosis 3.419366691 35% 0.9418198 
Median 1.105443167 40% 0.996963 
Mode 0.980052287 45% 1.0512622 
Left X 0.42978769 50% 1.1054432 
Left P 5% 55% 1.1669512 
Right X 1.980661237 60% 1.2265381 
Right P 95% 65% 1.2907631 
Diff X 1.550873546 70% 1.3658141 
Diff P 90% 75% 1.448751 
#Errors 0 80% 1.539716 
Filter Min Off 85% 1.6494374 
Filter Max Off 90% 1.783437 
#Filtered 0 95% 1.9806612 
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Model 3 – Eurocode 2  
 
 
Figure C.12 Probable crack width distribution for CS-3 using Model 3  
Statistical summary for the analysis is provided in Table C.16 and C.17, highlighting 5%, 
505 and 95% confidence levels.  
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Table C.16 Statistical information for crack widths – 5N24 Bars – M3 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -1.169157316 5% 0.7714684 
Maximum 6.883463397 10% 1.0574426 
Mean 2.186576214 15% 1.2595984 
Std Dev 0.915763437 20% 1.4232461 
Variance 0.838622673 25% 1.5666809 
Skewness 0.316404669 30% 1.6898376 
Kurtosis 3.446350442 35% 1.8055264 
Median 2.14642353 40% 1.9182835 
Mode 2.177942475 45% 2.035038 
Left X 0.771468371 50% 2.1464235 
Left P 5% 55% 2.2606372 
Right X 3.760999453 60% 2.3745227 
Right P 95% 65% 2.4851271 
Diff X 2.989531082 70% 2.6202741 
Diff P 90% 75% 2.7534113 
#Errors 0 80% 2.9162187 
Filter Min Off 85% 3.1083858 
Filter Max Off 90% 3.3673367 
#Filtered 0 95% 3.7609995 
 
Table C.17 Statistical information for crack widths – 4N28 Bars – M3 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -1.263457091 5% 0.7454264 
Maximum 6.373381995 10% 1.0130903 
Mean 2.073361295 15% 1.2028754 
Std Dev 0.86077887 20% 1.3488863 
Variance 0.740940263 25% 1.4749341 
Skewness 0.288186049 30% 1.5916016 
Kurtosis 3.273340387 35% 1.7034391 
Median 2.025133115 40% 1.8156072 
Mode 1.981367021 45% 1.928811 
Left X 0.745426391 50% 2.0251331 
Left P 5% 55% 2.140516 
Right X 3.562362682 60% 2.2500563 
Right P 95% 65% 2.3661751 
Diff X 2.816936291 70% 2.4822 
Diff P 90% 75% 2.6249101 
#Errors 0 80% 2.7929942 
Filter Min Off 85% 2.9632024 
Filter Max Off 90% 3.1847213 
#Filtered 0 95% 3.5623627 
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Model 4 – S. H. Chowdhury  
 
 
Figure C.13 Probable crack width distribution for CS-3 using Model 4  
A detailed summary of the probable crack widths for respective confidence level is provided 
in Tables C.18 and C.19.  
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Table C.18 Statistical information for crack widths – 5N24 Bars – M4 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.775114108 5% 0.615287 
Maximum 4.618004821 10% 0.8173882 
Mean 1.595878184 15% 0.9671537 
Std Dev 0.618576222 20% 1.079236 
Variance 0.382636543 25% 1.1795705 
Skewness 0.205153781 30% 1.265309 
Kurtosis 3.234292615 35% 1.3524049 
Median 1.571023626 40% 1.425756 
Mode 1.551409162 45% 1.5025371 
Left X 0.615287045 50% 1.5710236 
Left P 5% 55% 1.6446449 
Right X 2.650247715 60% 1.7254411 
Right P 95% 65% 1.8042112 
Diff X 2.03496067 70% 1.8975301 
Diff P 90% 75% 1.9983748 
#Errors 0 80% 2.0973271 
Filter Min Off 85% 2.2240427 
Filter Max Off 90% 2.4027181 
#Filtered 0 95% 2.6502477 
 
Table C.19 Statistical information for crack widths – 4N28 Bars – M4 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.666633828 5% 0.5873962 
Maximum 3.869296245 10% 0.798592 
Mean 1.555340715 15% 0.9279879 
Std Dev 0.611571589 20% 1.0396918 
Variance 0.374019808 25% 1.1358154 
Skewness 0.169136024 30% 1.2184071 
Kurtosis 3.108663505 35% 1.3001082 
Median 1.537103794 40% 1.3843673 
Mode 1.275110506 45% 1.461016 
Left X 0.587396187 50% 1.5371038 
Left P 5% 55% 1.6150247 
Right X 2.594491895 60% 1.6951901 
Right P 95% 65% 1.7796067 
Diff X 2.007095707 70% 1.8618212 
Diff P 90% 75% 1.9532254 
#Errors 0 80% 2.0617283 
Filter Min Off 85% 2.1768241 
Filter Max Off 90% 2.3476569 
#Filtered 0 95% 2.5944919 
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Model 5 – Gergely & Lutz 
 
 
Figure C.14 Probable crack width distribution for CS-3 using Model 5 
Statistical information of the probable crack widths, i.e. mean, standard deviation and crack 
widths for corresponding confidence levels are provided in Table C.20 and C.21.  
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Table C.20 Statistical information for crack widths – 5N24 Bars – M5 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.579151562 5% 0.6173486 
Maximum 4.768282603 10% 0.8380667 
Mean 1.699342044 15% 0.9827581 
Std Dev 0.699991255 20% 1.1113568 
Variance 0.489987757 25% 1.2117975 
Skewness 0.269798762 30% 1.3106217 
Kurtosis 3.169236204 35% 1.3982388 
Median 1.667240765 40% 1.4893211 
Mode 1.836730739 45% 1.5806201 
Left X 0.61734857 50% 1.6672408 
Left P 5% 55% 1.7531901 
Right X 2.892023654 60% 1.8429504 
Right P 95% 65% 1.9444043 
Diff X 2.274675084 70% 2.0400549 
Diff P 90% 75% 2.1563429 
#Errors 0 80% 2.2817189 
Filter Min Off 85% 2.4221261 
Filter Max Off 90% 2.6005442 
#Filtered 0 95% 2.8920237 
 
Table C.21 Statistical information for crack widths – 4N28 Bars – M5 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.663122674 5% 0.6057058 
Maximum 5.230033445 10% 0.8316151 
Mean 1.691677329 15% 0.9859243 
Std Dev 0.694833674 20% 1.1100117 
Variance 0.482793835 25% 1.2155306 
Skewness 0.323204884 30% 1.3082514 
Kurtosis 3.28624298 35% 1.3985451 
Median 1.648751975 40% 1.4826172 
Mode 1.591686381 45% 1.5698964 
Left X 0.605705849 50% 1.648752 
Left P 5% 55% 1.742694 
Right X 2.904957961 60% 1.8307858 
Right P 95% 65% 1.9186971 
Diff X 2.299252113 70% 2.0277542 
Diff P 90% 75% 2.1317438 
#Errors 0 80% 2.2540476 
Filter Min Off 85% 2.4019535 
Filter Max Off 90% 2.5970012 
#Filtered 0 95% 2.904958 
 
 
276 
 
Appendix D. Deterministic & Reliability Analysis for 
Case Study 4 (CS-4) 
Introduction 
CS-4 is I section bridge girder constructed in mid-1960’s using WSM. CS-4 has been 
assessed as per the deterministic and risk analysis methods. For validation, outcomes are 
compared with the on-site photographic evidences.  
Structural Configurations and Material Properties 
In order to simulate the girders with great accuracy and precision, I section was transformed 
into a rectangular section by maintaining the effective depth of the girder. Author used the 
same principle as used to convert the U-Slabs. Figure D.1 shows original I girder and 
equivalent rectangular section with basic structural information.  
 
Figure D.1 Cross section view of redesigned R/C rectangular beam 
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Table D.1 Structural and material properties for CS-4 
Properties Value 
Concrete compressive strength, f 
’
c (MPa) 30 
Concrete Density (kN/m
3
) 2300 
Concrete cover, c (mm) 42 
Tensile reinforcement 5 N 24 
Bar Diameter (mm) 24 
Yield strength of steel (MPa) 345 Min 
Tensile strength of steel (MPa) 550 Min 
 
Load Configuration: 
Change in live loads, as mentioned in Chapter 4 is used here for analysis. Axle loads were 
placed on different locations of the span and shown in Figure D.2.  
Bending Moment and Steel Stress: 
Bending moment and resulting steel stress is presented in Table D.2 resulting from the 
imposed loads.  
Table D.2 Summary of bending moments and steel stress for CS-3 
Year Truck Type 
Bending Moment (kN.m) 
(PL + UDL + SW) 
Steel Stress (σst) 
(MPa) 
5N24 6N24 
1950 H20-S16-44 435 308.55 259.68 
1992 L44  680 482.27 405.89 
2004 S1600 1033 732.58 616.55 
2004 M1600 1049 743.92 626.09 
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Figure D.2 Load configuration for CS-4 
 
Crack Width 
For CS-4 crack widths are established considering two set of bars, i.e. 5N24 and 6N24. It is 
to show the influence of using one extra bar then required or can be considered as if one less 
bar is selected for construction.  
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Model 1 – R. I. Gilbert 
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Figure D.3 Crack widths for CS-4 using Model 1 
 
Table D.3 Summary of crack widths for CS-4 – Model 1   
Year 
5N24 6N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 308.55 0.27 259.68 0.19 
1992 482.27 0.51 405.89 0.35 
2004 732.58 0.73 616.55 0.52 
2004 743.92 0.75 626.09 0.55 
 
Model 2 – R. J. Frosch  
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Figure D.4 Crack widths for CS-4 via Model 2  
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Table D.4 Summary of crack widths for CS-4 – Model 2 
Year 
5N24 6N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 308.55 0.17 259.68 0.14 
1992 482.27 0.26 405.89 0.22 
2004 732.58 0.39 616.55 0.33 
2004 743.92 0.40 626.09 0.35 
 
Model 3 – Eurocode 2  
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Figure D.5 Crack width for CS-4 – Model 3 
 
Table D.5 Summary of crack widths for CS-4 using M3 
Year 
5N24 6N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 308.55 0.28 259.68 0.22 
1992 482.27 0.44 405.89 0.35 
2004 732.58 0.68 616.55 0.54 
2004 743.92 0.70 626.09 0.56 
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Model 4 – S. H. Chowdhury 
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Figure D.6 Crack width for CS-4 since 1950 using Model 4 
 
Table D.6 Summary of crack widths for CS-4 
Year 
5N24 6N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 308.55 0.42 259.68 0.30 
1992 482.27 0.67 405.89 0.47 
2004 732.58 1.06 616.55 0.70 
2004 743.92 1.07 626.09 0.72 
 
Model 5 – Gergely and Lutz 
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Figure D.7 Crack width for CS-4 since 1950’s – Model 5 
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Table D.7 Summary of crack widths for CS-4 
Year 
5N24 6N24 
Steel 
Stress, σst  
(MPa) 
Crack 
width, wmax 
(mm) 
Steel 
Stress, σst 
(MPa) 
Crack 
width, wmax 
(mm) 
1950 308.55 0.20 259.68 0.16 
1992 482.27 0.31 405.89 0.25 
2004 732.58 0.47 616.55 0.38 
2004 743.92 0.50 626.09 0.40 
 
Summary of Crack Widths for Models 1 to 5 
Table D.8 and D.9 provide a summary of crack widths for CS-4 using five models and two 
set of reinforcement types. A collection of crack widths are plotted against steel stress which 
provide an upper and lower bound value for a decision maker. Such trend is shown in 
Figures D.8 and D.9.  
 
Table D.8 Summary of crack widths for CS-4 using 5N24 Bars 
 
Crack width (mm) 
Steel Stress (σst) 
Mpa 
M1 M2 M3 M4 M5 
308.55 0.27 0.17 0.28 0.42 0.2 
482.27 0.51 0.26 0.44 0.67 0.31 
735.58 0.73 0.39 0.68 1.06 0.47 
743.92 0.75 0.40 0.70 1.07 0.5 
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Figure D.8 Comparison of crack widths for CS-4 using different models – 5N24 
 
 
 
Table D.9 Summary of crack widths for CS-4 using 6N24 Bars 
 
Crack width (mm) 
Steel Stress (σst) 
Mpa 
M1 M2 M3 M4 M5 
259.68 0.19 0.14 0.22 0.30 0.16 
405.89 0.35 0.22 0.35 0.47 0.25 
616.55 0.52 0.33 0.54 0.70 0.38 
626.09 0.55 0.35 0.56 0.72 0.40 
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Figure D.9 Comparison of crack widths for CS-4 using different models – 6N24 
 
Outputs of the deterministic crack width analysis provide some interesting results. For 5N24 
bars, girder is expected to see 0.17 mm as the lowest crack width as per Model 2 and 1.07 
mm as the highest crack width according to Model 4 for 204 loading. On the other hand, 
when girder is assessed for 6N24 bars, 0.14 mm is established as the lowest crack width as 
per Model 2 and according to Model 4, 0.72 mm is calculated as the highest crack width. A 
significant difference can be noticed between higher values for two different reinforcement 
types compared to lower bound values. These differences are the result of the various 
characteristic the models carry. In order to validate the outcomes of the deterministic 
approach, a comparison is drawn between on-site recorded crack widths and calculated 
values.  
 
Validation  
Photographic evidences are shown in Figure D.10.  
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Figure D.10 On-site photographic evidences for CS-4 (Red arrows indicate the fine 
cracking) 
 
In order to establish the crack width values for CS-4, photographic evidences are compared 
with severity of cracking reference figure as provided in Chapter 2. From comparison, CS-4 
crack width ranges between hairline cracking to medium cracking, i.e. 0.1 mm to 0.7 mm. 
Such crack widths can be noticed in the above images as well. A similar range of crack 
widths is shown by the deterministic calculation too, where minimum crack width is 0.14 
mm and most of the values fall in the range of 0.3 to 0.7, except few, i.e. 1.06 and 1.07 mm 
which represent the worst scenario. Therefore, it can be concluded that deterministic analysis 
agrees with the onsite recordings and validates the outcomes.    
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Reliability Analysis  
CS-4 is also analysed using reliability analysis assessment criteria to strengthen the 
quantitative approach and supplant decision making.  
Model 1 – R. I. Gilbert  
 
 
Figure D.11 Probable crack widths for CS-4 – M1 
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A statistical summary of the above plots is provided in the following tables showing mean, 
standard deviation and other key information.  
Table D.10 Statistical information for 5N24 – M1 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.233256491 5% 0.0761159 
Maximum 1.07021279 10% 0.1295069 
Mean 0.330127654 15% 0.1695318 
Std Dev 0.157851006 20% 0.1975816 
Variance 0.02491694 25% 0.2224995 
Skewness 0.075395448 30% 0.2447932 
Kurtosis 3.075973888 35% 0.2668374 
Median 0.329677194 40% 0.288414 
Mode 0.387893446 45% 0.3091616 
Left X 0.076115896 50% 0.3296772 
Left P 5% 55% 0.3486639 
Right X 0.592583689 60% 0.3679651 
Right P 95% 65% 0.389557 
Diff X 0.516467793 70% 0.4103042 
Diff P 90% 75% 0.4347857 
#Errors 0 80% 0.4606017 
Filter Min Off 85% 0.4934087 
Filter Max Off 90% 0.5330574 
#Filtered 0 95% 0.5925837 
 
Table D.11 Statistical information for 6N24 – M1  
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.19281023 5% 0.036225 
Maximum 0.650400449 10% 0.0760186 
Mean 0.214109586 15% 0.103216 
Std Dev 0.108851571 20% 0.1233432 
Variance 0.011848665 25% 0.1413505 
Skewness 0.063910075 30% 0.1568225 
Kurtosis 3.077013254 35% 0.1713456 
Median 0.212609513 40% 0.1850543 
Mode 0.221335291 45% 0.1990694 
Left X 0.036225043 50% 0.2126095 
Left P 5% 55% 0.2247969 
Right X 0.395801158 60% 0.2399231 
Right P 95% 65% 0.2538881 
Diff X 0.359576115 70% 0.2689311 
Diff P 90% 75% 0.2862652 
#Errors 0 80% 0.3052248 
Filter Min Off 85% 0.3258744 
Filter Max Off 90% 0.3547197 
#Filtered 0 95% 0.3958012 
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Model 2 – R. J. Frosch  
 
 
Figure D.12 Probable crack widths for CS-4 using Model 2 
 
Outputs of the reliability analysis for 10% confidence level match the lower values of the 
deterministic calculations. This indicates the significance of the model in order to generate 
more probable crack widths for informed decision making.   
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Statistical summary of the results is provided in the following tables for both reinforcement 
types.  
Table D.12 Statistical report for 5N24 – M2  
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.056424784 5% 0.1347701 
Maximum 0.859789784 10% 0.1706624 
Mean 0.309210301 15% 0.1949741 
Std Dev 0.114024947 20% 0.2129183 
Variance 0.013001689 25% 0.2299645 
Skewness 0.411205222 30% 0.2451867 
Kurtosis 3.345887623 35% 0.2601051 
Median 0.300800035 40% 0.2737212 
Mode 0.331151592 45% 0.2868409 
Left X 0.134770113 50% 0.3008 
Left P 5% 55% 0.3151962 
Right X 0.508222385 60% 0.3299906 
Right P 95% 65% 0.3448045 
Diff X 0.373452272 70% 0.3613106 
Diff P 90% 75% 0.3802932 
#Errors 0 80% 0.4017822 
Filter Min Off 85% 0.4268494 
Filter Max Off 90% 0.458905 
#Filtered 0 95% 0.5082224 
 
Table D.13 Statistical report for 6N24 – M2  
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.03623182 5% 0.1145532 
Maximum 0.830596563 10% 0.1425214 
Mean 0.262628557 15% 0.1632338 
Std Dev 0.097193086 20% 0.1798627 
Variance 0.009446496 25% 0.1950633 
Skewness 0.406573291 30% 0.2081095 
Kurtosis 3.389105031 35% 0.220192 
Median 0.256450628 40% 0.2329199 
Mode 0.24174361 45% 0.2447569 
Left X 0.11455325 50% 0.2564506 
Left P 5% 55% 0.2684788 
Right X 0.431837404 60% 0.2815289 
Right P 95% 65% 0.2956546 
Diff X 0.317284154 70% 0.3093388 
Diff P 90% 75% 0.323735 
#Errors 0 80% 0.3413487 
Filter Min Off 85% 0.3606091 
Filter Max Off 90% 0.3882524 
#Filtered 0 95% 0.4318374 
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Model 3 – R. J. Frosch  
 
 
Figure D.13 Probable crack widths for CS-4 – M3  
 
Analysis outcomes are summarised in a tabular format and shown below.  
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Table D.14 Statistical information for CS-4 – 5N24 – M3 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.183067452 5% 0.2180624 
Maximum 1.573272278 10% 0.2791168 
Mean 0.529542511 15% 0.319787 
Std Dev 0.204574615 20% 0.3549785 
Variance 0.041850773 25% 0.3857202 
Skewness 0.414290518 30% 0.4137506 
Kurtosis 3.33554852 35% 0.4408881 
Median 0.515349971 40% 0.4673429 
Mode 0.489485582 45% 0.4913736 
Left X 0.218062353 50% 0.51535 
Left P 5% 55% 0.5411217 
Right X 0.886100155 60% 0.5677102 
Right P 95% 65% 0.5977659 
Diff X 0.668037802 70% 0.6245136 
Diff P 90% 75% 0.6583031 
#Errors 0 80% 0.6917394 
Filter Min Off 85% 0.7389202 
Filter Max Off 90% 0.7962307 
#Filtered 0 95% 0.8861002 
 
Table D.15 Statistical information for CS-4 – 6N24 – M3 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.11900113 5% 0.1753345 
Maximum 1.204223968 10% 0.2279339 
Mean 0.428015845 15% 0.2617043 
Std Dev 0.165079883 20% 0.2891949 
Variance 0.027251368 25% 0.3151318 
Skewness 0.416383372 30% 0.3371186 
Kurtosis 3.47060893 35% 0.357472 
Median 0.417840519 40% 0.3775877 
Mode 0.435211453 45% 0.3981088 
Left X 0.17533447 50% 0.4178405 
Left P 5% 55% 0.4367327 
Right X 0.718722448 60% 0.4579978 
Right P 95% 65% 0.4794926 
Diff X 0.543387977 70% 0.5048765 
Diff P 90% 75% 0.5289433 
#Errors 0 80% 0.5568282 
Filter Min Off 85% 0.5925361 
Filter Max Off 90% 0.6426098 
#Filtered 0 95% 0.7187224 
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Model 4 – S. H. Chowdhury  
 
 
Figure D.14 Probable crack widths for CS-4 – M4  
 
Mean, standard deviation and corresponding values for confidence levels are shown in 
Tables D.16 and D.17 for respective reinforcement type. 
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Table D.16 Statistical summary for CS-4 – 5N24 – M4 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.107024211 5% 0.3103579 
Maximum 1.712782636 10% 0.3843012 
Mean 0.672488457 15% 0.4368248 
Std Dev 0.228137651 20% 0.479161 
Variance 0.052046788 25% 0.5170287 
Skewness 0.192093292 30% 0.5497839 
Kurtosis 3.104020843 35% 0.5798174 
Median 0.665638954 40% 0.6086386 
Mode 0.696272096 45% 0.6359513 
Left X 0.310357915 50% 0.665639 
Left P 5% 55% 0.6940027 
Right X 1.055646708 60% 0.7210332 
Right P 95% 65% 0.7518695 
Diff X 0.745288792 70% 0.7860986 
Diff P 90% 75% 0.8218428 
#Errors 0 80% 0.8606512 
Filter Min Off 85% 0.9100379 
Filter Max Off 90% 0.9689934 
#Filtered 0 95% 1.0556467 
 
Table D.17 Statistical summary for CS-4 – 6N24 – M4 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.146838208 5% 0.2145944 
Maximum 1.16655456 10% 0.2683948 
Mean 0.467604772 15% 0.3058618 
Std Dev 0.158811207 20% 0.3362106 
Variance 0.025220999 25% 0.3608617 
Skewness 0.197767871 30% 0.3831682 
Kurtosis 3.207055024 35% 0.4037465 
Median 0.46153329 40% 0.4243415 
Mode 0.451803633 45% 0.4432755 
Left X 0.214594441 50% 0.4615333 
Left P 5% 55% 0.4814771 
Right X 0.737573498 60% 0.5014496 
Right P 95% 65% 0.5238848 
Diff X 0.522979056 70% 0.5454921 
Diff P 90% 75% 0.5686861 
#Errors 0 80% 0.5980603 
Filter Min Off 85% 0.6297014 
Filter Max Off 90% 0.6715514 
#Filtered 0 95% 0.7375735 
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Model 5 – Gergely & Lutz 
 
 
Figure D.15 Probable crack widths for CS-4 – M5  
 
Statistical outputs are summarised in Tables D.18 and D.19, highlighting 3 key confidence 
values, i.e. 5%, 50% and 95%.  
 
301 
 
Table D.18 Statistical information for CS-4 – 5N24 – M5 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.189401579 5% 0.1591003 
Maximum 0.906731144 10% 0.200298 
Mean 0.357951 15% 0.2289711 
Std Dev 0.127505655 20% 0.2514294 
Variance 0.016257692 25% 0.269591 
Skewness 0.288666726 30% 0.2865744 
Kurtosis 3.143594199 35% 0.3041211 
Median 0.350096245 40% 0.3189579 
Mode 0.314775344 45% 0.3337087 
Left X 0.159100274 50% 0.3500962 
Left P 5% 55% 0.3658417 
Right X 0.57575255 60% 0.3831416 
Right P 95% 65% 0.4002828 
Diff X 0.416652276 70% 0.4197799 
Diff P 90% 75% 0.4406635 
#Errors 0 80% 0.4641155 
Filter Min Off 85% 0.4904985 
Filter Max Off 90% 0.5256824 
#Filtered 0 95% 0.5757526 
 
Table D.19 Statistical information for CS-4 – 6N24 – M5 
Summary Statistics for Crack Width 
Statistics   Percentile   
Minimum -0.075634174 5% 0.1280584 
Maximum 0.731185467 10% 0.1603971 
Mean 0.284851589 15% 0.1818029 
Std Dev 0.101580974 20% 0.1985347 
Variance 0.010318694 25% 0.2138388 
Skewness 0.265321485 30% 0.2283999 
Kurtosis 3.110228383 35% 0.2413798 
Median 0.279191162 40% 0.2544183 
Mode 0.27824318 45% 0.2670986 
Left X 0.128058414 50% 0.2791912 
Left P 5% 55% 0.2918634 
Right X 0.460669209 60% 0.3052363 
Right P 95% 65% 0.3188944 
Diff X 0.332610795 70% 0.3330896 
Diff P 90% 75% 0.3495268 
#Errors 0 80% 0.3687682 
Filter Min Off 85% 0.3919969 
Filter Max Off 90% 0.4190793 
#Filtered 0 95% 0.4606692 
 
Outputs of the analysis agree well with the deterministic values and on-site photographic 
evidences. Hence, they can be used in decision making based on the chosen confidence 
level.  
